£  o 

?  2 

LU  O 

s« 

O  -c 
3  O 

(/)  0 

c  (/) 

O  0 

O  O' 


US  Army  Corps 
of  Engineers® 

Engineer  Research  and 
Development  Center 


Seismic  Response  of  a  Half-Scale  Masonry 
Building  with  Flexible  Diaphragms 


Steven  C.  Sweeney,  Matthew  A.  Homey,  and 
Sarah  L.  Orton 


September  2005 


Approved  for  public  release;  distribution  is  unlimited. 


Military  Facilities  Engineering  Technologies 


ERDC/CERL  TR-05-25 
September  2005 


Seismic  Response  of  a  Half-Scale  Masonry 
Building  with  Flexible  Diaphragms 

Steven  C.  Sweeney,  Matthew  A.  Homey,  and  Sarah  L.  Orton 

Engineer  Research  and  Development  Center 
Construction  Engineering  Research  Laboratory 
PO  Box  9005 

Champaign,  IL  61826-9005 


Final  Report 

Approved  for  public  release;  distribution  is  unlimited. 


Prepared  for  U.S.  Army  Corps  of  Engineers 
Washington,  DC  20314-1000 


Under 


Work  Unit  AT41-CFM-A001 


ABSTRACT:  Unreinforced  masonry  (URM)  buildings  constructed  on  Army  installations  before  the 
development  of  modern  seismic  codes  may  be  susceptible  to  earthquake  damage  and  therefore  could 
benefit  from  seismic  mitigation  measures.  Improved  understanding  of  URM  structural  response  un¬ 
der  multidirectional  loads  is  required  to  develop  the  most  effective  seismic  structural  retrofit  strate¬ 
gies. 

This  research  used  a  half-scale  structural  model  to  investigate  the  seismic  response  of  URM  build¬ 
ings  with  flexible  diaphragms.  The  objectives  were  to  determine  failure  mechanisms  and  deforma¬ 
tion  behaviors;  examine  amplification  of  ground  motion  acceleration  by  walls  and  diaphragms;  ap¬ 
proximate  any  strength  effects  that  flange  portions  of  out-of-plane  walls  may  have  on  in-plane  walls; 
investigate  vertical  distribution  of  lateral  forces;  and  identify  any  combinational  effects  of  multidi¬ 
rectional  base  motions. 

An  unexpected  level  of  out-of-plane  wall  flange  contribution  to  in-plane  wall  strength  indicates  the 
need  for  experimental  quantification  using  different  pier  layouts,  URM  wall  combinations,  and  wall 
connection  methods.  Results  also  indicate  the  need  to  investigate  the  effect  of  overturning  forces  on 
the  in-plane  strength  of  piers  and  to  determine  critical  ground  motion  characteristics  that  lead  to  the 
direct  combination  of  response  quantities  due  to  orthogonal  earthquake  components. 
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commercial  products.  All  product  names  and  trademarks  cited  are  the  property  of  their  respective  owners.  The 
findings  of  this  report  are  not  to  be  construed  as  an  official  Department  of  the  Army  position  unless  so  designated 
by  other  authorized  documents. 
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By 

To  Obtain 
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4,046.873 

square  meters 

cubic  feet 

0.02831685 

cubic  meters 

cubic  inches 

0.00001638706 

cubic  meters 

degrees  (angle) 
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(5/9)  x(°F-  32)  +  273.15. 

kelvins 

feet 
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cubic  meters 

horsepower  (550  ft-lb  force  per  second) 

745.6999 

watts 

inches 

0.0254 

meters 

kips  per  square  foot 
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kilopascals 
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6.894757 

megapascals 

miles  (U.S.  statute) 

1.609347 

kilometers 

pounds  (force) 
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Systeme  International  d'Unites  (International  System  of  Measurement),  i.e.,  the  metric  system. 
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1  Introduction 

Background 

Unreinforced  masonry  (URM)  is  one  of  the  oldest  types  of  building  construction 
and  is  common  throughout  the  United  States.  Masonry  buildings  constructed 
before  the  development  of  modern  seismic  codes  may  be  susceptible  to  damage 
caused  by  earthquakes  and  therefore  could  benefit  from  seismic  mitigation 
through  modification  of  their  structural  elements.  To  develop  the  most  effective 
seismic  retrofit  strategy,  a  clear  understanding  of  the  behavior  of  URM  buildings 
under  multidirectional  loads  is  required. 

The  study  documented  here  was  conducted  jointly  by  the  U.S.  Army  Engineer 
Research  and  Development  Center  -  Construction  Engineering  Research  Labo¬ 
ratory  (ERDC-CERL)  and  the  Mid-America  Earthquake  Center,  University  of 
Illinois  at  Urbana-Champaign  to  fill  gaps  in  current  knowledge  and  to  verify  the 
findings  of  select  previous  studies.  The  project  methodology  was  developed  with 
reference  to  previous  studies  of  the  seismic  performance  of  masonry  buildings 
and  multidirectional  combinations  of  seismic  motions.  Studies  of  particular  in¬ 
terest  are  summarized  below. 

Masonry  Buildings  with  Flexible  Diaphragms.  Tena-Colunga  (1992)  inves¬ 
tigated  the  seismic  response  of  a  URM  firehouse  with  flexible  wood  diaphragms 
to  the  Loma  Prieta  Earthquake.  The  firehouse  was  one  of  the  first  instrumented 
masonry  buildings  subjected  to  moderate-intensity  ground  motion.  Although 
peak  diaphragm  accelerations  were  as  high  as  0.79  g,  the  building  sustained  lit¬ 
tle  damage,  demonstrating  that  URM  systems  with  flexible  diaphragms  can  re¬ 
sist  sizeable  earthquakes.  Tena-Colunga  also  compared  the  measured  response 
of  the  building  with  several  analytical  models  and  found  that  three-dimensional 
(3D)  quasi-dynamic  analysis  can  produce  reliable  results. 

Abrams  published  a  paper  in  the  “Proceedings  of  the  Structures  Congress”  (1995) 
that  discussed  four  aspects  of  flexible  diaphragm  behavior  not  usually  considered 
by  practicing  structural  engineers  when  performing  a  seismic  design.  In  particu¬ 
lar,  he  examined  diaphragm  amplification,  diaphragm/wall  frequency  relations, 
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and  the  influence  of  diaphragms  on  the  vertical  and  horizontal  distributions  of 
lateral  force.  Abrams  stated  that  those  aspects  of  response  will  differ  for  rigid 
and  flexible  diaphragms  and  thus  need  to  be  considered  when  evaluating  a  build¬ 
ing  system  for  seismic  mitigation. 

Costley  and  Abrams  (1996)  published  a  report  entitled  Dynamic  Response  of  Un¬ 
reinforced  Masonry  Buildings  with  Flexible  Diaphragms.  Their  research  studied 
the  response  of  two  half-scale  rectangular  URM  buildings  subjected  to  uniaxial 
earthquake  loads.  The  behavior  of  the  test  models  demonstrated  that  pier  rock¬ 
ing  is  a  stable  nonlinear  failure  mode,  with  recorded  ductility  values  greater 
than  6.  The  test  results  also  indicated  that  out-of-plane  wall  flange  effects  are 
minimal  and  can  be  ignored  when  computing  the  in-plane  strength  of  walls.  Al¬ 
though  a  great  deal  of  information  was  documented  in  the  study,  the  authors  ex¬ 
pressed  the  need  for  additional  research  to  test  buildings  with  an  nonsymmetri- 
cal  layout  and  various  pier  aspect  ratios. 

Kingsley  et  al.  (1996)  performed  a  quasi-static  cyclic  test  on  a  full-scale  URM 
building  modeled  after  the  structure  tested  by  Costley  and  Abrams  (1996).  The 
authors  determined  that  simple  numerical  models  can  be  used  to  predict  the 
strength  of  in-plane  walls.  However,  test  results  indicated  that  the  determina¬ 
tion  of  rocking  strength  should  include  consideration  of  pier  heights  other  than 
the  clear  distance  of  an  adjacent  window.  They  also  concluded  that  the  variation 
of  axial  stress  due  to  global  overturning  moment  in  the  test  model’s  exterior 
piers  had  a  significant  effect  on  the  piers’  failure  modes. 

To  complement  studies  on  small-scale  structures  and  component  testing, 
Paquette  and  Bruneau  (2003)  carried  out  pseudo-dynamic  testing  of  a  full-scale 
one-story  URM  building  with  wood  diaphragms.  Their  work  confirmed  previous 
findings  that  rocking  and  sliding  mechanics  allowed  for  large  deformations  with 
a  relatively  small  amount  of  strength  degradation.  Furthermore,  by  designing  a 
structure  with  discontinuous  corners  on  one  in-plane  wall,  they  found  that  con¬ 
tinuous  corners  seemed  to  have  a  negligible  effect  on  the  strength  of  an  in-plane 
wall  for  large-magnitude  earthquakes. 

Cohen  (2000)  investigated  seismic  response  of  low-rise  masonry  buildings  with 
flexible  roof  diaphragms.  That  study  focused  on  the  response  of  floor  dia¬ 
phragms  in  rectangular  half-scale  reinforced  masonry  buildings.  He  concluded 
that  the  building  responded  as  a  single  degree  of  freedom  system  associated  with 
the  degree  of  freedom  of  the  diaphragm.  However,  the  aspect  ratio  of  the  dia¬ 
phragm  in  Cohen’s  study  was  nearly  five  times  the  aspect  ratio  of  the  diaphragm 
used  in  this  investigation. 
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Simsir  et  al.  (2001)  studied  the  influence  of  diaphragm  flexibility  on  the  out-of¬ 
plane  response  of  URM  walls.  Their  experiments  consisted  of  uniaxial  tests  on 
two  out-of-plane  URM  walls  unconnected  to  two  in-plane  walls.  They  found  that 
increased  diaphragm  flexibility  significantly  increased  the  out-of-plane  dis¬ 
placement  of  the  URM  walls.  The  increase  in  displacement  was  consistent  with 
the  increase  in  period  associated  with  the  flexibility  of  the  diaphragm.  They  also 
found  that  the  intensity  of  the  axial  load  affects  the  out-of-plane  demands.  How¬ 
ever,  their  study  did  not  examine  the  effect  of  connecting  the  out-of-plane  walls 
to  the  in-plane  walls. 

Multidirectional  Combinations  of  Seismic  Motions.  Wilson  et  al.  (1981) 
questioned  the  acceptability  of  the  square  root  sum  of  squares  (SRSS)  method  for 
combining  modal  maxima  in  3D  analysis.  They  found  that  for  torsionally  sensi¬ 
tive  buildings  whose  modal  vibration  frequencies  were  close,  the  SRSS  method 
could  overestimate  the  response  by  up  to  a  factor  of  14.  The  authors  presented 
the  complete  quadratic  combination  (CQC)  method  that  takes  into  account  sta¬ 
tistical  coupling  between  closely  spaced  modes. 

Anastassiadis  et  al.  (2002)  studied  the  most  unfavorable  combination  of  three 
simultaneous  internal  forces.  They  concluded  that  in  order  to  avoid  unnecessary 
over-dimensioning,  the  internal  forces  could  be  designed  by  using  the  extreme 
value  of  one  force  and  the  probable  values  of  the  others.  The  extreme  and  prob¬ 
able  values  are  based  on  the  most  critical  orientation  of  seismic  excitation.  How¬ 
ever,  their  study  mainly  focused  on  column  behavior  where  the  internal  forces  in 
question  were  the  x  and  y  bending  moments  and  the  axial  force.  They  did  not 
consider  behavior  of  a  masonry  pier,  whose  lateral  strength  is  highly  dependent 
on  axial  stress. 

Lopez  et  al.  (2001)  evaluated  combination  rules  for  multi-component  seismic 
analysis.  They  found  that  the  current  combination  rules  of  SRSS,  30%,  and  40% 
produced  errors  as  large  as  18%  in  determining  the  design  forces  to  be  used. 
They  also  concluded  that  the  critical  response  increases  when  the  vibration  peri¬ 
ods  of  the  two  modes  most  associated  with  the  orthogonal  directions  of  horizontal 
ground  motion  become  close  to  each  other.  However,  their  study  did  not  include 
systems  whose  orthogonal  lateral  force  resisting  systems  were  not  independent, 
such  as  in  masonry  buildings. 

Hwang  and  Hsu  (2000)  conducted  an  experimental  study  examining  base  iso¬ 
lated  buildings  under  triaxial  ground  excitations.  They  studied  a  series  of  sym¬ 
metrical  and  unsymmetrical  base  isolated  buildings  under  independently  and 
simultaneously  applied  ground  motions.  They  found  that  vertical  accelerations 
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may  dramatically  increase  maximum  story  accelerations  for  cases  where  there  is 
eccentricity  on  the  isolation  system.  They  also  found  that  the  maximum  dis¬ 
placement  predicted  using  the  100%  -  30%  combination  rule  might  not  be  con¬ 
servative. 


Objective 

The  overall  objective  of  this  project  was  to  achieve  a  better  understanding  of  the 
seismic  response  of  URM  buildings  with  flexible  diaphragms  through  experimen¬ 
tal  testing  of  a  half-scale  structural  model.  Specific  tasks  executed  toward  that 
objective  were  to: 

1.  Determine  failure  mechanisms  and  force/deformation  behavior  of  the  test 
model’s  walls. 

2.  Examine  acceleration  amplification  of  ground  motion  by  walls  and  dia¬ 
phragms. 

3.  Approximate  any  effect  that  the  flange  portions  of  out-of- plane  walls  may 
have  on  the  strength  of  in-plane  walls. 

4.  Investigate  the  vertical  distribution  of  lateral  forces  for  stiff- wall/flexible-floor 
systems. 

5.  Determine  the  combinational  effect  of  multidirectional  base  motions  on  the 
test  model. 

6.  Provide  fundamental  knowledge  needed  to  develop  seismic  protection  de¬ 
signs. 

Approach 

A  half- scale  URM  building  with  flexible  wood  diaphragms  was  constructed  and 
tested  at  CERL  on  the  Triaxial  Earthquake  and  Shock  Simulator  (TESS).  Proto¬ 
typical  structures  were  evaluated  and  gaps  in  current  knowledge  were  consid¬ 
ered  to  determine  the  design  of  the  test  model.  The  final  model  included  struc¬ 
tural  features  common  to  URM  buildings,  such  as  perforated  shear  walls  and 
flexible  diaphragms.  Special  attention  was  paid  to  the  actual  material  properties 
of  the  test  specimen  and  the  effects  of  scaling. 

A  finite  element  analytical  model  was  developed  to  predict  the  response  of  the 
physical  test  model  to  three  recorded  earthquake  ground  motions:  1985 
Nahanni,  1940  El  Centro,  and  1989  Loma  Prieta.  Based  on  the  results  of  the 
analyses,  the  Nahanni  earthquake  was  selected  as  the  test  motion  of  greatest 
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interest  with  respect  to  the  research  objectives.  The  horizontal  ground  motion 
components  were  applied  independently  and  also  simultaneously.  Seismic  tests 
were  initially  applied  at  a  low  level  to  measure  the  test  model’s  linear/elastic  re¬ 
sponse  and  then  increased  until  the  piers  developed  failure  mechanisms.  The 
behavior  of  the  test  model  is  evaluated  both  in  terms  of  the  current  research  ob¬ 
jectives  and  broader  implications  for  the  design  methods  prescribed  by  seismic 
codes. 


Scope 

The  experimental  research  presented  here  is  part  of  a  larger  project  that  in¬ 
cluded  a  preliminary  analytic  study  (Sweeney  et  al.  2004)  and  will  conclude  with 
a  study  of  rehabilitation  methods  on  the  test  model.  The  study  reported  here 
parallels  a  program  at  the  Georgia  Institute  of  Technology  using  full-scale  static 
tests  (Moon  2004,  Yi  2004). 


Mode  of  Technology  Transfer 

The  results  of  this  investigation  will  be  presented  internally  to  U.S.  Army  Corps 
of  Engineers  (USACE)  personnel  through  USACE  Structural  Engineering  Work¬ 
shops,  and  externally  to  the  structural  engineering  community  at  appropriate 
professional  technical  conferences.  The  results  of  this  study  will  be  used  to 
evaluate  the  behavior  of  a  rehabilitated  model  building  tested  within  the  overall 
scope  of  this  research  effort.  Information  developed  in  this  project  will  be  sub¬ 
mitted  for  incorporation  into  appropriate  Federal  Emergency  Management 
Agency  (FEMA)  documents  and  model  building  code  documents  for  seismic  de¬ 
sign,  evaluation,  and  mitigation  of  structures. 
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2  Development  of  the  Test  Model 


The  test  structure  described  in  this  section  was  designed  to  be  used  in  a  triaxial 
dynamic  test.  This  chapter  presents  an  analytical  study  of  the  half-scale  test 
structure,  and  all  finite  element  models  and  calculations  documented  here  are 
based  on  the  actual  design  of  that  structure. 


Design  of  Prototype 

The  prototype  for  the  test  structure  was  developed  as  part  of  a  collaborative  ef¬ 
fort  between  the  University  of  Illinois  at  Urbana- Champaign  and  the  Georgia 
Institute  of  Technology,  Atlanta.  The  prototypical  structure  was  designed  to 
represent  older  unreinforced  brick  buildings  such  as  the  firehouse  shown  in 
Figure  2—1.  The  test  structure  is  two  stories  like  many  common  low-rise  URM 
buildings.  One  wall  (whose  parallel  wall  is  identical)  represents  a  typical  ma¬ 
sonry  wall  with  windows  and  doors,  as  might  be  found  in  a  masonry  house  or 
military  barracks.  Another  wall  represents  a  firehouse  garage  with  a  large  open¬ 
ing  that  also  is  structurally  similar  to  a  storefront  design.  The  final  wall  is  al¬ 
most  solid  typical  of  the  side  wall  or  back  wall  of  a  store.  The  diaphragms  at  the 
second  floor  and  roof  levels  are  constructed  as  wood  floor  decking  (Figure  2-2). 


Figure  2-1 .  St.  Louis  firehouse  structurally  similar  to  test  model. 
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The  test  structure  was  also  designed  to  reveal  aspects  of  performance  that  meet 
the  objectives  of  the  overall  project.  The  pair  of  identical  in-plane  walls  have 
multiple  piers  and  are  designed  to  study  the  effects  of  selectively  rehabilitating  a 
pier  on  the  overall  performance  of  the  structure.  The  use  of  both  solid  and  open 
walls  creates  a  torsional  irregularity  that  is  common  to  many  masonry  buildings. 
The  walls  are  also  designed  to  examine  the  effects  of  rehabilitating  a  weak  wall 
that  works  in  parallel  with  a  strong  wall.  The  flexible  diaphragm  will  deliver  the 
same  horizontal  load  to  each  wall,  independent  of  the  walls’  relative  strengths  or 
stiffness,  so  the  effects  of  strengthening  the  weak  wall  on  system  performance 
are  accentuated.  Finally,  these  types  of  wall/pier  combinations  are  typical  of  ac¬ 
tual  construction  and  will  help  determine  the  response  of  real  buildings  to  earth¬ 
quakes. 

Inherent  inadequacies  exist  in  both  full-scale  static  tests  and  half-scale  dynamic 
tests.  Full-scale  static  tests  do  not  accurately  represent  strain  rate  effects  or 
true  inertial  force  distributions.  At  the  same  time,  reduced-scale  dynamic  tests 
are  difficult  due  to  the  problems  of  scaling  mass,  material  properties,  and  ground 
motions.  A  goal  of  this  research  was  to  design  full-scale  and  half-scale  prototypi¬ 
cal  structures  with  similar  design  and  expected  behavior  such  that  when  the  two 
types  of  models  are  tested  in  parallel,  the  results  are  comparable. 


Figure  2-2.  Prototype  test  structure  design  features. 


Masonry  Design 

With  the  basic  design  for  a  prototype  developed,  the  specific  layout  and  design 
details  were  then  determined.  Elevation  drawings  of  the  walls  can  be  seen  in 
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Figure  2-3  through  Figure  2-5.  The  size  of  the  TESS  shake  table  determined 
the  outer  dimensions  of  the  test  structure.  The  plan  of  the  test  structure  (Figure 
2-6)  measures  148  x  150  in.  A  concrete  base  girder  was  employed  to  fit  the 
model  on  the  144  x  144  in.  shake  table.  Figure  2-6  also  shows  the  coordinate 
system  used  for  applying  the  ground  motions  and  for  interpreting  the  test  data. 

The  dimensions  of  the  windows  and  doors  were  based  on  typical  construction, 
available  length  of  the  walls,  and  the  dimensions  of  the  bricks.  The  doors  meas¬ 
ure  20  x  42.8  in.,  which  is  comparable  to  a  typical  3  x  7  ft  door.  The  windows 
measure  20  x  24.6  in.,  which  is  comparable  to  a  typical  3  x  4  ft  window.  The  win¬ 
dows  were  made  20  in.  wide  in  order  to  fit  two  central  20  in.  wide  piers  in  walls 
A  and  B. 


148.0"- 


Note:  See  diaphragm  details  for 
connection  locations. 


Figure  2-3.  Elevation  of  wall  B;  wall  A  is  identical  mirrored  image. 
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141.4" 


- 150.0" - 

Note:  See  diaphragm  derails  For 
connection  locations. 

Figure  2-4.  Elevation  of  wall  1. 


Note:  See  diaphragn  details  for 
connection  locations. 


Figure  2-5.  Elevation  of  wall  2. 


10 


ERDC/CERL  TR-05-25 


Vail  B 


Figure  2-6.  Plan  of  test  structure  and  coordinate  system  used. 

Walls  A  and  B  are  three  wythes  thick  to  represent  typical  bearing  walls.  Walls  1 
and  2  are  two  wythe  thick  to  represent  typical  non-load-bearing  walls.  Each  wall 
is  constructed  with  a  header  course  every  six  rows.  The  mortar  is  type  0  (1:2:9) 
to  represent  weak  mortar  typically  found  in  older  buildings. 

Wall  2  was  designed  to  be  typical  of  a  wall  with  a  large  garage  door  and  an  adja¬ 
cent  standard  door.  The  brick  pier  that  would  typically  exist  between  them 
would  likely  sustain  severe  damage  during  testing  and  possibly  present  a  safety 
hazard.  Therefore,  a  steel  column  was  added  to  simulate  the  behavior  of  a  brick 
pier  without  failing  during  testing.  The  support  column  was  pinned  at  both  ends 
using  two  plates  with  a  steel  ball  in  the  center,  as  shown  in  Figure  2-7.  This  al¬ 
lowed  the  support  column  to  move  freely  in  all  directions,  while  providing  verti¬ 
cal  resistance.  A  similar  type  of  construction  found  in  existing  buildings  uses  a 
steel  column  behind  the  brick  pier. 
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Figure  2-7.  Pin  connection  for  steel  support  column. 


The  large  opening  on  wall  2  required  the  use  of  a  steel  lintel.  In  order  to  limit 
the  deflection  to  the  1/600  maximum  value  prescribed  by  the  Masonry  Standard 
Joint  Committee  (MSJC  1999),  a  steel  WT5x6  was  used.  The  lintel  is  continuous 
over  the  steel  support  column.  The  other  lintels  in  walls  1  and  2  are  also  WT5x6 
sections.  Unreinforced  masonry  lintels  were  designed  for  walls  A  and  B.  Details 
can  be  found  in  Appendix  A. 

Construction  of  the  test  model  took  place  between  August  and  December  2001. 
The  structure  was  constructed  off  the  shake  table  and  then  lifted  onto  the  table 
by  aid  of  a  concrete  base  girder.  Two  professional  masons  constructed  the  walls 
at  the  ERDC-CERL  test  facility,  as  shown  in  Figure  2-8. 
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Figure  2-8.  Construction  of  test  model. 


Figure  2-9.  Completed  masonry. 


Diaphragm  Design 

The  floor  and  roof  were  designed  as  typical  wood  diaphragms.  The  design  is 
identical  for  both  floors,  and  it  consists  of  1/4  in.  diagonal  sheathing  and  1x5 
joists,  as  shown  in  Figure  2-10.  The  diaphragm  is  tied  to  each  wall  by  1/4  in. 
threaded  steel  bars.  The  locations  of  the  joist-to-wall  connections  are  shown  in 
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Figure  2-10  and  details  of  connections  along  walls  A  and  B  are  illustrated  in 
Figure  2—11.  Walls  1  and  2  are  bolted  to  the  outermost  joist  on  each  side  of  the 
floor.  The  diaphragm  is  designed  to  obtain  frequency  ratios  between  the  wall 
and  the  diaphragm  that  realistically  emulate  real-world  structures.  This  design 
allows  a  distinction  between  the  motions  of  the  diaphragms  and  the  walls  in  the 
analysis. 

I"x5"  nominal  joists  @  8“  O.C.  1/4“  dia  threaded  bar 


General  Motes: 

1.  All  dimensional  lumber  shall  be  of 
spruce -pine- fir  No.  1  or  No.  2  orbetter. 

2.  Diagonal  sheathing  shall  be  maximum  8' 
long. 


Figure  2-10.  Plan  of  diaphragm. 
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GENERAL  NOTES: 


1,  ALL  DIMENSIONAL  LUMBER  SHALL  BE  OF 
SPRUCE-PINE-FIR  ND.  1  OR  ND.  2  OR  BETTER, 

2,  ALL  LUMBER  SHALL  BE  FREE  OF  DEFECTS  AND  IN 
A  CONDITION  SUITABLE  FOR  THE  INTENDED  USE, 

3,  ALL  LUMBER  SHALL  HAVE  19%  MOISTURE  OR  LESS. 

4,  ALL  SPECIFIED  FASTENERS  SHALL  BE  USED, 

5,  SHEATHING  SHALL  BE  IN  A  CONTROL-RANDOM  LAYUP 


Figure  2-11.  Connection  detail. 


Material  Properties 

A  circular  saw  was  used  to  cut  full-size  common  clay  paver  bricks  measuring 
7.625  x  3.625  x  2.125  in.  into  halves  along  each  axis  (Figure  2-12).  Each  paver 
produced  eight  half-scale  bricks  measuring  approximately  3.75  x  1.75  x  1  in.  af¬ 
ter  loss  of  about  1/8  in.  of  material  in  each  cut  due  to  kerf  (Figure  2-13). 


Figure  2-12.  Cutting  of  half  scale  bricks. 
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Figure  2-13.  Dissection  of  full  scale  brick  into  eight  half  scale  bricks  (units  in  inches). 

Ten  half-scale  bricks  were  tested  to  determine  their  actual  size,  initial  rate  of 
absorption  (IRA),  modulus  of  rupture,  compressive  strength,  and  modulus  of 
elasticity  using  ASTM  C  67  -  98a  standard  tests.  The  results  are  presented  in 
Table  2-1. 


Table  2-1.  Results  of  brick  tests. 


Length 

3.73 

± 

0.02 

in 

Width 

1.78 

± 

0.03 

in 

Height 

1.06 

± 

0.04 

in 

IRA 

9.05 

± 

2.11 

g/min/30  in2 

Modulus  of  Rupture 

0.633 

± 

0.087 

ksi 

Compressive  Strength 

15260 

± 

3145 

psi 

Modulus  of  Elasticity 

44320 

± 

1134 

ksi 

Twenty  prisms  were  built  during  the  model  construction  phase.  The  prisms 
were  tested  using  ASTM  standard  methods  for  flexural  bond  strength  (E  518  — 
00a),  masonry  bond  strength  (C1357  -  98a),  and  compressive  strength  (C  1314  - 
98a).  The  results  of  the  tests  are  given  in  Table  2-2.  In  addition  to  the  prism 
tests,  10  mortar  cubes  were  tested  in  accordance  with  ASTM  C109/C109M-02. 
Pictures  from  the  material  tests  are  shown  in  Figure  2-14  through  Figure  2-18. 
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Table  2-2.  Results  of  prism  and  mortar  tests. 


Prism  Compressive  Strength 

4.58  ±  0.56  ksi 

Prism  Elastic  Modulus 

527.13  ±  228.42  ksi 

Mortar  Compressive  Strength 

172.59  ±  81.69  psi 

Mortar  Elastic  Modulus 

23.78  ±  12.78  ksi 

Prism  Tensile  Strength 

79.09  ±  12.59  psi 

Prism  Flexural  Bond  Strength 

91.72  ±  39.41  psi 

Figure  2-14.  Modulus  of  rupture  test  of  individual  brick. 


Figure  2-15.  Compression  test  of  prism. 
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Figure  2-16.  Compression  test  of  mortar  cube. 


Figure  2-17.  Flexure  test  of  prism. 


Figure  2-18.  Bond  wrench  test  of  prism. 
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Scaling 

A  common  problem  in  reduced-scale  testing  is  that  not  all  properties  can  be 
scaled.  For  example,  the  half-scale  test  structure  was  constructed  using  half¬ 
scale  bricks,  but  the  bricks  retain  the  same  material  properties  (elastic  modulus 
and  density)  as  the  full-scale  bricks. 


The  scaling  relationships  inherent  to  the  model  are  presented  in  Equation  2-1. 
When  these  relationships  are  applied  to  accurately  scale  the  gravity  stress,  the 
result  is  Equation  2-2.  Consequently,  the  gravity  stress  versus  the  material 
strength  relationship  is  not  constant  if  the  densities  of  the  two  materials  are  the 
same  (Harris  1999).  This  relationship  is  important  for  masonry  construction  be¬ 
cause  the  lateral  strength  of  the  piers  is  based,  in  part,  on  vertical  stress. 


/ 


model 


1 

2 


l  prototype 


E 


model 


=  E 


prototype 


Equation  2-1 


\E  J  model 


'  ji'' 


Y  model  ^ Y 


prototype 


prototype 


Equation  2-2 


In  order  to  correctly  model  the  prototype,  the  density  of  the  bricks  use  in  the 
half-scale  model  is  half  what  it  would  be  in  a  full-scale  structure.  Therefore,  in 
order  to  effectively  double  the  density  of  the  brick,  additional  mass  should  be 
added  throughout  the  volume  of  the  walls.  Unfortunately,  uniform  distribution 
of  the  additional  mass  was  not  feasible,  so  mass  was  added  in  a  dispersed  pat¬ 
tern  on  the  wall  faces  and  diaphragm. 


As  a  consequence  of  scaling  the  gravity  stress,  the  duration  of  the  applied  ground 
motions  had  to  be  divided  by  the  square  root  of  2.  This  division  is  supported  by 
the  scaling  relationships  presented  in  the  following  equations: 
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f  =  ^/j,  — mo‘lel  =  J//—  Equation  2-4 

^ prototype  ' 

With  these  scale  factors  determined,  the  model  scaling  factors  for  the  remaining 
quantities  could  be  determined.  The  results  are  shown  in  Table  2-3. 


Table  2-3.  Scaling  relationships. 


Quantity 

Scale  Factor  (Sm/Sp) 

Force 

1/4 

Stress 

1 

Acceleration 

1 

Velocity 

1/V2 

Time 

1/V2 

Frequency 

V2 

Length 

1/2 

Displacement 

1/2 

Modulus 

1 

Strain 

1 

Density 

2 

Placement  of  Simulated  Mass 

The  actual  weight  of  the  test  structure  was  24  kilopounds  (kips).  In  order  to  es¬ 
sentially  double  the  density  of  the  building,  21  kips  of  lead  weights  were  added. 
All  of  the  mass  was  placed  outside  of  the  first  and  second  story  piers  in  order  to 
prevent  interference  with  their  behavior.  That  constraint  meant  the  weights 
had  to  be  located  along  the  spandrels  of  the  structure  (Figure  2-19).  Weights 
were  placed  on  the  interior  and  exterior  of  the  walls  in  the  same  pattern,  in 
terms  of  both  location  and  mass  distribution.  Approximately  3.8  kips  of  lead 
weights  were  bolted  to  each  wall  using  1/4  in.  threaded  rods  (two  rods  per  weight 
set),  which  passed  through  holes  cast  in  the  wall’s  bed  joints  during  construction. 
Each  lead  weight  weighed  an  average  of  59  lb. 
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Figure  2-19.  Layout  of  additional  weight  on  walls. 

In  addition  to  the  masses  on  the  walls,  the  remaining  lead  weights  were  added  to 
the  perimeters  of  the  diaphragms  (Figure  2-20).  The  explanation  for  this  ap¬ 
proach  is  twofold  and  directly  related  to  the  behavior  of  a  structure  when  the 
joists  are  unconnected  to  the  walls.  The  primary  reason  was  that  a  significant 
normal  force  was  needed  to  determine  an  estimate  of  the  frictional  force  devel¬ 
oped  in  the  joist  pocket.  The  second  reason  was  to  provide  the  diaphragm  with 
its  own  mass,  allowing  it  to  respond  independently  of  the  walls.  Once  the  dia¬ 
phragm  was  connected  to  the  walls,  the  weights  could  be  considered  as  tributary 
mass  from  the  out-of-plane  walls  due  to  the  forced  continuity. 


Figure  2-20.  Layout  of  additional  weight  on  diaphragms. 
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The  weights  were  placed  on  the  diaphragm  such  that  they  spanned  two  joists 
and  applied  no  stress  to  the  diagonal  sheathing.  In  total,  3.0  kips  were  added  to 
both  the  floor  and  roof  diaphragms.  Rubber  pads  were  positioned  below  the 
weights  to  prevent  movement  during  testing. 

The  additional  weight  concentrated  around  the  spandrels  rather  than  through¬ 
out  the  volume  of  the  walls  does  not  pose  a  serious  analytical  concern.  This  type 
of  model  is  accurate  while  the  material  is  in  the  elastic  response  range,  so  the 
expected  crack  patterns  will  not  be  affected  by  the  location  of  the  additional 
mass.  In  the  inelastic  range,  the  modeling  of  gravity  stress  does  affect  the  accu¬ 
racy  of  the  model.  However,  the  objective  of  the  overall  project  was  to  study  the 
global  response  characteristics  and  to  evaluate  the  retrofit  measures.  Because 
the  half-scale  model  is  expected  to  have  crack  patterns  similar  to  those  occurring 
in  the  full-scale  prototype,  the  response  of  the  cracked  model  will  have  the  same 
global  characteristics  as  the  full-scale  prototype. 


Base  Girder 

The  test  structure  was  mortared  to  a  concrete  base  girder,  which  was  designed  to 
support  the  model  for  its  move  onto  the  shake  table.  During  testing,  the  girder 
remained  stiff  and  acted  as  a  rigid  connection  between  the  table  and  the  build¬ 
ing.  The  base  girder  (shown  in  Figure  2-21)  has  perimeter  beams  that  are  1  ft 
thick  and  2  ft-3  in.  wide,  with  an  additional  interior  beam  1  ft  thick  and  1  ft 
wide.  The  girder  was  fabricated  of  reinforced  concrete  and  post-tensioned  to  pro¬ 
vide  additional  strength  during  lifting  of  the  test  structure  onto  the  shake  table. 
The  base  girder  was  bolted  to  the  shake  table  with  25  1.5  in.  bolts. 
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3  Selection  of  Model  Seismic  Motions 

Ground  Motions  Considered 

Three  earthquake  ground  motion  suites  were  considered  as  possibilities  for  the 
seismic  testing  of  the  half-scale  model.  They  were  the  1985  Nahanni  earth¬ 
quake,  the  1940  El  Centro  earthquake,  and  the  1989  Loma  Prieta  earthquake. 
Below  is  a  brief  summary  why  each  seismic  event  was  considered.  See  Chapter  3 
of  Sweeney  et  al.  (2004)  for  more  information  on  the  considered  earthquakes. 

Nahanni: 

•  intraplate  earthquake;  may  be  similar  to  one  that  could  occur  in  the  cen¬ 
tral  United  States 

•  has  narrow  frequency  content  at  natural  periods  of  the  test  model. 

El  Centro: 

•  widely  used  and  well  understood 

•  spectral  accelerations  near  natural  periods  of  test  model  are  very  differ¬ 
ent  for  horizontal  components. 

Loma  Prieta: 

•  large  spectral  accelerations  for  horizontal  components  occur  at  different 
frequencies 

•  broad  frequency  content  will  excite  multiple  modes. 


Reasons  for  Selecting  the  Nahanni  Earthquake 

The  combination  of  response  quantities  due  to  multidirectional  excitation  was 
considered  to  be  of  primary  importance  for  the  selection  of  the  test  motion.  Due 
to  the  variation  of  dynamic  behavior  resulting  from  different  forcing  functions, 
the  severity  of  combinational  effects  will  differ  for  the  three  earthquakes  under 
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consideration.  Therefore,  to  aid  in  the  selection  of  the  test  motion,  extensive 
computer  analyses  were  conducted  to  estimate  the  test  structure’s  response. 
Chapter  4  of  Sweeney  et  al.  (2004)  describes  these  analyses  in  detail,  which  in¬ 
clude  2D  equivalent  static,  2D  response  spectrum,  and  2D  and  3D  time-history 
analyses. 

The  results  of  those  analyses  predicted  that  peak  responses  in  the  horizontal  di¬ 
rections  occurred  concurrently  for  the  Nahanni  earthquake,  but  did  not  occur  at 
the  same  time  for  either  the  Loma  Prieta  or  the  El  Centro  earthquakes.  The 
consequence  of  the  combination  is  twofold.  The  first  effect  is  that  ground  motion 
in  a  direction  parallel  to  walls  1  and  2  creates  twisting  shears  in  walls  A  and  B 
(due  to  the  different  stiffnesses  of  walls  1  and  2),  the  maximum  of  which  directly 
combines  with  the  maximum  in-plane  shear  caused  by  the  perpendicular  ground 
motion  component.  Note  that  this  fact  contradicts  the  100%-30%  combination 
rule  used  to  determine  design  loads  prescribed  in  FEMA  368.  The  second  conse¬ 
quence  is  that  due  to  overturning  moment,  the  walls  in  the  test  structure  are 
subjected  to  maximum  base  shear  and  maximum  tensile  force  at  the  same  time. 
Because  the  lateral  strength  of  a  masonry  pier  is  based  in  large  part  upon  the 
compressive  stress  in  the  pier,  this  combination  should  have  damaging  effects  on 
the  building. 

Upon  selection  of  the  Nahanni  earthquake  as  the  test  motion,  it  also  was  decided 
to  test  only  in  the  orthogonal  plan  directions.  This  decision  was  made  because 
the  analyses  indicated  that  the  vast  majority  of  vertical  tensions  and  compres¬ 
sions  in  the  walls  were  caused  by  overturning  forces,  not  vertical  accelerations. 


Characteristics  of  the  Nahanni  Earthquake 

The  Nahanni  time  histories  were  downloaded  from  the  PEER  strong  motion  da¬ 
tabase  web  site  (http://peer.berkeley.edu/smcat/).  In  accordance  with  the  scaling  factors 
presented  in  Chapter  2,  the  time  histories  were  multiplied  byl/  V2  .  The  modi¬ 
fied  time  histories  for  the  x-direction  and  y-direction  are  shown  below  in  Figure 
3-1  and  Figure  3-2,  respectively  (see  Figure  2-6  for  coordinate  system).  Using 
the  modified  time  histories,  response  spectra  were  generated  for  an  assumed 
damping  ratio  of  5%.  The  response  spectra  for  the  x-direction  and  y-direction  are 
shown  below  in  Figure  3-3  and  Figure  3-4,  respectively. 


ERDC/CERL  TR-05-25 


25 


Time  (sec) 

Figure  3-1 .  Modified  Nahanni  x-direction  time  history  (walls  A  and  B  in-plane). 
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Figure  3-2.  Modified  Nahanni  y-direction  time  history  (walls  1  and  2  in-plane). 


0.01  0.10  1.00  10.00 


Period  (sec) 


Figure  3-3.  Modified  Nahanni  x-direction  acceleration  response  spectrum  for  5%  damping. 
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Figure  3-4.  Modified  Nahanni  y-direction  acceleration  response  spectrum  for  5%  damping. 
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4  Expected  Building  Response 


Analyses  were  performed  to  predict  the  response  of  the  half-scale  test  model.  In 
particular,  the  expected  behavior  of  the  masonry  piers  was  examined  per  FEMA 
356  specifications  and  the  stiffness  of  the  wood  diaphragms  was  estimated  based 
on  a  number  of  code  equations  for  predicted  in-plane  deflection.  The  results  from 
the  component  analyses  were  applied  to  the  development  of  a  3D  finite  element 
model  in  SAP  2000  Nonlinear,  which  was  used  to  predict  the  test  structure’s 
force/deformation  properties,  fundamental  frequencies,  and  dynamic  response  to 
the  Nahanni  earthquake. 


Independent  Pier  Behavior 

The  possible  pier  failure  modes  and  failure  strengths  are  examined  according  to 
the  prescriptions  of  FEMA  356.  Based  on  the  predicted  failure  mode,  the  defor¬ 
mation  response  of  each  pier  was  determined. 

Failure  Mode  and  Strength  Calculations 

An  important  part  of  seismic  analysis  of  a  masonry  structural  system  is  deter¬ 
mining  the  lateral  behavior  of  the  constituent  piers.  Piers  are  the  structural 
elements  of  a  masonry  wall  and  are  designed  to  carry  the  demands  of  both  verti¬ 
cal  and  lateral  loads.  They  generally  can  be  identified  as  the  continuous  portions 
of  a  wall  located  on  either  side  of  openings  such  as  windows  or  doors.  Conse¬ 
quently,  there  can  be  many  piers  in  a  perforated  shear  wall  (see  Figure  4—1),  but 
a  solid  wall,  having  no  openings,  behaves  as  a  single  pier.  The  response  of  indi¬ 
vidual  piers  can  be  combined  to  help  determine  the  behavior  of  an  individual 
wall  or  the  entire  building. 

The  Prestandard  and  Commentary  for  the  Seismic  Rehabilitation  of  Buildings 
(FEMA  356)  provides  a  straightforward  method  to  determine  the  lateral 
force/deformation  relationship  of  masonry  piers.  The  prestandard  is  a  prescrip¬ 
tive  method  similar  to  most  building  codes  and  is  comparable  to  what  is  used  in 
practice.  FEMA  356  was  used  during  the  design  phase  of  this  project  to  ensure 
that  the  desired  structural  response  would  occur. 
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Figure  4-1.  Pier  numbers. 


The  lateral  behavior  of  a  masonry  pier  before  yielding  is  linear-elastic,  and  can 
be  identified  as  the  initial  straight  line  portion  of  the  load/deflection  curve  (see 
Figure  4—2).  At  the  onset  of  yield,  a  failure  mechanism  occurs,  causing  increased 
deflections  and  loss  of  resistance.  The  slope  of  the  load/deflection  curve  in  the 
linear-elastic  region  represents  the  elastic  stiffness  of  the  pier. 


Figure  4-2.  Force/deformation  curve  for  masonry  piers  per  FEMA356. 


FEMA  356  presents  two  formulations  to  calculate  the  stiffness  of  a  pier  —  the 
first  for  cantilevered  walls  and  the  second  for  piers  that  have  full  restraint 
against  rotation  at  the  top  and  bottom.  They  are  presented  below  as  Equation 
4-1  and  Equation  4-2,  respectively: 


k„,„„  = 
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Equation  4-1 
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Equation  4-2 
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where 

heff  =  pier  height  to  the  point  of  lateral  load 
Em  =  masonry  elastic  modulus 

Av  =  effective  shear  area  (assumed  to  be  5/6  of  the  gross  area) 
Ig  =  moment  of  inertia  of  the  uncracked  pier  cross-section 
Gm  =  shear  modulus  (assumed  to  be  0.4 Em). 

The  values  for  stiffness  of  the  piers  are  presented  in  Table  4-1. 


Table  4-1.  Pier  force/deformation  behavior. 


Pier  (wall) 

kpier  (k/in) 

Vcrack  (kip) 

Vy  (kip) 

Ay  (in) 

Ad  (in) 

Vc  (kip) 

Au  (in) 

1  (A) 

699.68 

3.417 

3.105 

0.00444 

0.1009 

1.863 

0.2017 

2(A) 

523.34 

2.373 

2.156 

0.00412 

0.1210 

1.294 

0.2421 

3(A) 

523.34 

2.373 

2.156 

0.00412 

0.1210 

1.294 

0.2421 

4(A) 

263.58 

1.981 

1.831 

0.00695 

0.3053 

1.098 

0.6106 

5(B) 

699.68 

3.417 

3.105 

0.00444 

0.1009 

1.863 

0.2017 

6(B) 

523.34 

2.373 

2.156 

0.00412 

0.1210 

1.294 

0.2421 

7(B) 

523.34 

2.373 

2.156 

0.00412 

0.1210 

1.294 

0.2421 

8(B) 

263.58 

1.981 

1.831 

0.00695 

0.3053 

1.098 

0.6106 

9(1) 

144.48 

3.513 

2.513 

0.01740 

0.7545 

1.508 

1.5090 

10  (1) 

176.93 

1.163 

0.779 

0.00441 

0.3053 

0.468 

0.6106 

11  (2) 

131.49 

1.370 

1.648 

0.01254 

0.4051 

0.989 

0.8102 

12(2) 

131.49 

1.370 

1.648 

0.01254 

0.4051 

0.989 

0.8102 

The  lateral  strength  of  piers  in  unreinforced  masonry  walls  depends  on  the  mode 
of  failure.  FEMA  356  recognizes  four  different  types  of  failure:  bed-joint  sliding, 
rocking,  diagonal  tension,  and  toe  crushing.  The  strength  calculations  for  each 
mode,  Equations  7-3  —  7-6  in  FEMA  356,  are  discussed  below 


Bed-joint  sliding  failure  occurs  when  the  shear  stress  along  the  base  of  the  pier 
(fv  in  Figure  4-3)  is  greater  than  the  shear  strength.  When  the  shear  strength  is 
reached  a  crack  forms  along  the  length  of  the  bed-joint  and  the  pier  begins  to 
slide.  The  bed-joint  sliding  strength,  Vbjs,  is  given  below  as  Equation  4-3: 

Vbjs  =  VmeAn  Equation  4-3 


where 

Vme  =  bed-joint  sliding  shear  strength 
A,,  =  et  area  of  the  mortared  section. 
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Figure  4-3.  Forces  on  free  standing  pier. 


The  rocking  mode  of  failure  occurs  when  a  crack  forms  at  the  bottom  of  the  pier 
(both  top  and  bottom  for  a  fixed-fixed  case),  allowing  it  to  rock  laterally.  The 
crack  forms  when  the  tensile  stress  (ft  in  Figure  4-3)  becomes  greater  than  the 
axial  compressive  stress  plus  tensile  strength  of  the  masonry.  This  occurs  when 
the  lateral  load  is: 


V  k  =^~ 

^  6  heff 


(fa+ft) 


Equation  4-4 


where 

L  =  pier  length 
fa  =  axial  compressive  stress 
ft  =  tensile  strength  of  masonry 
t  =  thickness. 

This  equation  specifically  applies  to  a  cantilevered  pier,  as  is  shown  in  Figure  4— 
3.  For  a  fixed-fixed  case,  multiply  Equation  4-4  by  2. 

Once  cracks  have  sufficiently  formed  over  the  length  of  the  pier,  the  rocking 
strength  is  reached  (Equation  4-5).  The  formula  for  determining  rocking 
strength  is  a  function  of  the  expected  axial  compressive  force  ( Pe ),  the  ratio  of  the 
pier  length  (L)  to  the  effective  height  of  the  pier  (heff),  and  a  factor  nr  equal  to  0.5 
for  a  fixed-free  cantilevered  wall  and  1.0  for  a  fixed-fixed  pier: 
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vr  =  0.9  ocPE 


f  L  A 


J 


Equation  4-5 


Diagonal  tension  failure  is  characterized  by  X-cracks  through  the  wall  or  pier 
caused  by  internal  stresses.  If  the  cracks  pass  through  the  mortar  in  a  stair  step 
pattern,  the  strength  of  the  pier  is  the  same  as  the  bed  joint  sliding  strength  of 
Equation  4-3.  However,  if  the  cracks  propagate  diagonally  through  the  mortar 
and  the  bricks,  the  strength  is  given  by  Equation  4-6: 


v*  =  f*  A 


A  l' 


1+ 


A 


Equation  4-6 


where  f’dt  is  the  lower-bound  masonry  diagonal  tension  strength  and  fa  is  the 
lower-bound  axial  compressive  stress. 


Toe  crushing  is  the  failure  of  the  bricks  and  mortar  at  the  corners  of  the  pier  due 
to  the  additional  compressive  stresses  of  the  overturning  moment  (fa  in  Error! 
Reference  source  not  found.).  Toe  crushing  strength  is  determined  using 
Equation  4-7: 


Vtc  =  aPL 


A  V 


K^eff  J 


fa 


0-7/’ 


m  J 


Equation  4-7 


where  f’m  is  the  lower-bound  masonry  compressive  strength  and  the  ratio  of  Llheff 
shall  not  be  taken  less  than  0.67. 


The  FEMA  356  equations  were  used  to  determine  the  lateral  strength  of  the 
piers  in  the  test  structure.  The  results  are  presented  in  Table  4-2,  using  the  pier 
numbers  shown  in  Figure  4—1  (piers  1  —  4  are  associated  with  wall  A).  For  these 
calculations  vme  was  assumed  to  be  35.1  psi  and  f’dt  to  be  27  psi  in  accordance 
with  the  default  properties  in  Section  7.3.2.10  of  FEMA  356.  Furthermore,  f’m 
was  calculated  to  be  2,862  psi  by  taking  the  prism  compression  strength  pre¬ 
sented  in  Chapter  2  and  dividing  by  1.6,  as  prescribed  by  Section  7. 4. 2. 2. 2  of 
FEMA  356.  The  remainder  of  the  pier  properties  used  in  the  strength  equations 
were  calculated  based  on  the  actual  dimensions  of  the  test  structure  and  a  struc¬ 
tural  weight  equal  to  20  psf  per  wythe. 
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Table  4-2.  Pier  lateral  strengths  based  on  FEMA356. 


Pier  (wall) 

L  (in) 

heff  (in) 

Vbjs  (kip) 

Vr (kip) 

Vdt  (kip) 

Vtc  (kip) 

1  (A) 

24 

24.6 

4.89 

3.11 

5.12 

3.41 

2(A) 

20 

24.6 

4.08 

2.16 

3.55 

2.37 

3(A) 

20 

24.6 

4.08 

2.16 

3.55 

2.37 

4(A) 

24 

42.8 

4.89 

1.83 

2.96 

2.40 

5(B) 

24 

24.6 

4.89 

3.11 

5.12 

3.41 

6(B) 

20 

24.6 

4.08 

2.16 

3.55 

2.37 

7(B) 

20 

24.6 

4.08 

2.16 

3.55 

2.37 

8(B) 

24 

42.8 

4.89 

1.83 

2.96 

2.40 

9(1) 

106 

141.4 

14.51 

2.51 

10.81 

2.77 

10  (1) 

24 

42.8 

3.29 

0.78 

1.80 

1.03 

11  (2) 

24 

49.3 

3.29 

1.65 

1.94 

2.47 

12(2) 

24 

49.3 

3.29 

1.65 

1.94 

2.47 

The  results  of  the  analysis  indicate  that  all  of  the  first-story  piers  should  fail  by 
rocking,  although  the  toe  crushing  strengths  are  only  slightly  larger.  The  sec¬ 
ond-story  pier  strengths  are  not  reported  because  they  will  not  receive  enough 
inertial  force  to  cause  damage.  Thus,  the  building  is  considered  to  be  essentially 
rigid  above  the  first- story  piers. 


Deformation  Response  of  Piers 


Thus  far,  only  the  strength  of  the  piers  under  lateral  load  has  been  considered. 
Of  equal  importance  is  the  pier  deformation  response,  which  is  shown  in  Figure 
4-2.  In  the  figure,  Vy  is  the  minimum  strength  from  Table  4-2,  and  Ay  is  deter¬ 
mined  by  dividing  Vy  by  kPier  of  Equation  4-1  and  Equation  4-2,  as  appropriate. 
For  a  given  failure  mode,  FEMA  356  specifies  the  equations  used  to  determine 
A d,  A u,  and  Vc.  For  a  rocking  pier,  these  values  can  be  computed  using  Equation 
4-8  through  Equation  4-10: 


A  d  = 


Equation  4-8 


A  u  = 


0.8  V2/ 

/lOO  L 


Equation  4-9 


Vc  =  0.6Vy 


Equation  4-10 


These  equations  yield  the  results  for  the  force/deformation  relationships  in  Table 
4-1. 
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The  lateral  behavior  of  individual  piers  can  be  combined  to  determine  the  lateral 
behavior  of  the  wall  or  the  whole  building.  Such  combinations  are  discussed  in 
later  in  this  chapter. 


Diaphragm  Behavior 

A  diaphragm  is  defined  as  a  floor  or  roof  that  carries  in-plane  forces.  The  dia¬ 
phragm  distributes  the  in-plane  forces  caused  by  its  own  mass  and  the  mass  of 
the  out-of-plane  walls  to  the  vertical  lateral  load  resisting  elements.  The  distri¬ 
bution  of  force  to  the  lateral  resisting  elements  (in-plane  walls)  depends  on  the 
characteristics  of  the  diaphragm. 

Two  basic  types  of  diaphragm  behavior  are  possible  depending  on  the  relative 
rigidity  between  it  and  the  walls.  If  the  deformation  of  the  diaphragm  is  insig¬ 
nificant  compared  with  that  of  the  walls,  the  diaphragm  is  considered  to  be  rigid. 
A  rigid  diaphragm  forces  the  walls  to  move  together  as  a  unit,  thus  distributing 
lateral  load  in  proportion  to  the  walls’  stiffness.  The  other  type  of  diaphragm 
behavior  is  flexible,  and  it  occurs  where  wall  deformation  is  insignificant  com¬ 
pared  with  that  of  the  diaphragm.  When  the  diaphragm  is  flexible,  the  walls 
will  resist  lateral  forces  based  on  the  amount  of  tributary  mass  they  carry,  just 
as  a  beam  would  distribute  its  load  between  two  supports.  Examples  of  rigid  and 
flexible  cases  are  concrete  and  wood  diaphragms,  respectively.  Because  the  test 
structure  has  flexible  diaphragms,  each  wall  will  receive  in-plane  lateral  forces 
proportional  to  their  vertical  compressive  stress  and  the  demands  of  the  attach¬ 
ing  out-of-plane  walls. 

In  addition  to  distributing  forces,  diaphragms  also  affect  building  behavior  by 
their  in-plane  stiffness.  The  in-plane  stiffness  of  a  wood  diaphragm  is  influenced 
by  the  type  of  sheathing,  size  and  amount  of  fasteners  (nails),  and  the  existence 
of  perimeter  chords  (FEMA  356).  Unfortunately,  the  in-plane  stiffness  of  wood 
cannot  be  predicted  by  simple  analysis  due  to  the  complex  mechanisms  that  con¬ 
tribute  to  their  flexibility,  namely,  the  behavior  of  the  nails  (Cohen  2001).  There 
have  been  several  attempts  to  come  up  with  a  simple  equation  to  predict  the  in¬ 
plane  deflection  of  the  diaphragm.  They  are  presented  here  in  order  to  exhibit 
limiting  bounds  for  the  actual  diaphragm  deflection. 

The  lateral  behavior  of  a  wood  diaphragm  is  described  in  code  by  the  National 
Design  Specification  (NDS)  for  Wood  Construction.  They  propose  that  the  lat¬ 
eral  deflection  of  a  wood  structural  panel  diaphragm  (d  in  Figure  4—4)  under  uni¬ 
form  lateral  load  is: 
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d  =  — -  +  —  +  0. 1 88  Le„  +  ^ 


8FA6  4Gi 


2b 


Equation  4-11 


where  d  is  the  mid- span  deflection,  vis  the  maximum  shear,  L  is  the  diaphragm 
length,  A  is  the  chord  cross-sectional  area,  b  is  the  diaphragm  width,  t  is  the  dia¬ 
phragm  thickness,  and  en  is  the  nail  deformation/slip.  The  first  term  in  the 
equation  represents  the  diaphragm  deflection  due  to  bending,  the  second  due  to 
shear,  the  third  due  to  nail  deformation  or  slippage,  and  the  forth  due  to  chord 
splice  slip.  The  first  two  terms  evolve  from  simple  bending  and  shear  analysis. 
The  nail  deformation  term  is  generally  far  greater  than  the  others  and  is  also  the 
most  difficult  to  accurately  determine. 


FEMA  356  also  presents  a  similar  equation  for  diaphragm  deflection.  However, 
it  makes  a  distinction  between  plywood  diaphragms  and  diagonally  sheathed 
diaphragms.  For  a  single  diagonal  sheathed  diaphragm,  the  lateral  deflection  d 
is: 


Equation  4-12 
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where  Gd  is  given  as  8,000  lb/in.  The  FEMA  356  equation  essentially  incorpo¬ 
rates  all  the  terms  in  the  NDS  equation  into  one  term  and  defines  Gd  based  on 
the  general  characteristics  the  diaphragm.  FEMA  defines  a  typical  single  diago¬ 
nal  sheathed  diaphragm  as  1  in.  thick  sheathing  laid  at  45  degrees  to  the  fram¬ 
ing  members  and  nailed  with  two  or  more  8d  nails  per  board  at  each  support. 


Finally,  Cohen  (2001)  developed  with  a  stiffness  equation  for  the  diaphragm  he 
tested  (similar  to  the  one  in  this  study)  based  on  dynamic  analysis.  He  deter¬ 
mined  that  the  stiffness  of  the  diaphragm  is: 


K 


A'G 


n 
2 L 


Equation  4-13 


where  A’G  was  calculated  to  be  1,300  kip  based  on  experimental  data.  There¬ 
fore,  the  deflection  can  be  determined  using: 

d  =  Equation  4-14 


where  V  is  the  total  diaphragm  shear.  It  is  important  to  note  that  the  calculated 
A’G  value  is  derived  for  the  diaphragm  used  in  the  tests  (22  x  4.67  ft,  4d  nailing, 
and  3/8  in.  thick).  However,  the  diaphragm  used  in  this  study  is  similar  enough 
to  the  one  used  in  Cohen  2001  that  a  conversion  factor  based  on  the  width  of  the 
diaphragm  can  be  used.  Cohen  states  that  A’G  is  proportional  to  diaphragm 
width.  Therefore,  to  convert  the  A’G  value  from  that  for  the  tested  4.67  ft  wide 
diaphragm  to  that  for  a  different  width,  multiply  by  the  ratio  of  the  new  dia¬ 
phragm  width  to  4.67  ft.  Therefore,  for  the  diaphragm  in  this  study,  A’G  would 
equal  3,340  kip. 

These  equations  were  then  used  on  Cohen’s  diaphragm  under  2,500  lb  of  shear  to 
determine  their  relative  accuracy.  As  seen  from  Table  4-3,  the  FEMA  equation 
over-predicts  the  actual  diaphragm  deflection  while  the  NDS  equation  is  much 
more  accurate  even  though  it  is  supposed  to  be  for  a  different  type  of  diaphragm. 
Calculations  were  also  made  for  the  12  x  12  ft  diaphragm  used  in  this  study  un¬ 
der  4,000  lb  of  shear.  Based  on  the  data,  the  deflection  of  the  diaphragm  under 
4,000  lb  of  shear  should  range  between  0.035  —  0.125  in.  For  other  values  of 
shear,  the  deflection  should  be  between  the  Cohen  and  FEMA  calculated  values. 
This  approximated  stiffness  results  in  a  diaphragm  frequency  of  8.8  —  16.7  Hz. 
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Table  4-3.  Diaphragm  deflections  (inches). 


22’x  4.67’ 

12’x12’ 

NDS 

0.116 

0.060 

FEMA 

0.368 

0.125 

Cohen 

0.100 

0.035 

Actual 

0.120* 

Note:  measured  diaphragm  deflection  includes  the  deflection  of  the  in-plane  shear  walls. 

Accurate  calculation  of  diaphragm  deflection  is  important  because  the  out-of¬ 
plane  displacement  of  the  walls  is  largely  controlled  by  the  lateral  displacement 
of  the  diaphragm.  The  more  the  diaphragm  deflects,  the  more  the  out-of-plane 
walls  will  have  to  deform  (Simsir  2001).  Out-of-plane  wall  failures,  as  noted 
previously,  are  common  in  URM  buildings,  but  many  times  it  can  be  prevented 
by  ensuring  that  there  is  a  sound  connection  between  the  diaphragm  and  the 
walls. 


Force/Deformation  Response  of  Structure  (Pushover  Analysis) 

A  pushover  analysis  consists  of  a  nonlinear  model  of  a  structure  that  is  subjected 
to  increasing  levels  of  lateral  load.  A  nonlinear  model  differs  from  a  linear  model 
because  it  can  account  for  the  redistribution  of  forces  due  to  yielding.  The  result 
of  the  analysis  is  a  pushover  curve,  in  which  the  total  base  shear  applied  to  the 
structure  is  plotted  versus  a  chosen  “control  displacement”  at  each  load  incre¬ 
ment.  The  selected  control  point  is  usually  located  at  the  top  of  the  structure. 
This  analysis  allows  for  the  determination  of  the  force/deformation  characteris¬ 
tics  of  the  structure  as  well  as  the  damage  states  for  various  levels  of  base  shear. 
The  method  is  presented  in  FEMA  368  as  “Appendix  to  Chapter  5.” 

To  perform  a  pushover  analysis,  one  must  specify  the  nonlinear  load- deformation 
response  of  each  structural  element  that  could  potentially  yield.  In  Chapter  3, 
the  nonlinear  behavior  of  individual  piers  was  found  based  on  FEMA  356,  and 
the  information  was  used  to  assign  hinge  properties  for  models  created  in  SAP 
2000NL.  The  lateral  pushover  loads  applied  were  proportional  to  the  first  mode 
of  each  wall  for  the  2D  cases  and  to  the  fundamental  mode  of  the  structure  in 
each  horizontal  direction  for  the  3D  cases,  per  FEMA  368  specifications.  In  addi¬ 
tion,  the  SAP  pushover  analyses  included  the  dead  load  of  the  test  model  and  P- 
delta  effects. 

The  results  from  the  SAP  2D  analyses  are  shown  in  Figure  4-5  through  Figure 
4—7.  Also  shown  on  the  figures  is  the  combined  pier  response  (designated  as 
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FEMA),  calculated  by  adding  the  load/deformation  relationships  for  each  of  the 
first-story  piers  for  a  given  wall  (the  second- story  piers  are  assumed  to  not  yield). 
Note  that  the  displacement  plotted  from  SAP  is  generated  at  the  joint  located  at 
the  top  of  the  first-story  piers  at  the  edge  of  the  wall  under  consideration.  For 
wall  1,  this  is  the  height  of  the  building  since  pier  9  is  considered  to  be  a  cantile¬ 
vered  pier.  If  the  SAP  pushover  analyses  for  walls  A,  B,  and  2  were  plotted 
based  on  the  displacement  of  a  point  at  the  top  of  the  building,  the  deformation 
would  be  somewhat  larger  due  to  global  overturning  moment.  As  can  be  seen 
from  the  figures,  the  combined  pier  response  closely  matches  the  results  from  the 
pushover  analyses. 


Figure  4-5.  Force/deformation  relationships  for  walls  A  and  B. 


SAP  FEMA 


Figure  4-6.  Force/deformation  relationship  for  wall  1. 
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Displacement  (in) 


SAP  FEMA 


Figure  4-7.  Force/deformation  relationship  for  wall  2. 

Section  5A.1.1  of  FEMA  368  states  that  “for  structures  having  plan  irregulari¬ 
ties...  or  structures  without  independent  orthogonal  systems,  a  three- 
dimensional  model  incorporating  a  minimum  of  three  degrees  of  freedom,  con¬ 
sisting  of  translation  in  two  orthogonal  plan  directions  and  torsional  rota¬ 
tion. ..shall  be  used.”  Using  FEMA  368,  the  test  model  would  require  analysis 
using  a  3D  model.  A  3D  model  of  the  test  structure  was  created  and,  in  accor¬ 
dance  with  Section  5A.1.2,  pushover  analyses  were  performed  in  both  horizontal 
directions.  The  results  of  the  3D  pushover  analyses  are  plotted  below  with  the 
combined  SAP  2D  wall  pushovers  (Figure  4-8  and  Figure  4-9).  The  pushover 
curves  for  the  3D  cases  were  determined  by  averaging  the  response  at  the  tops  of 
the  two  in-plane  walls  for  the  direction  under  consideration. 


Displacement  (in) 


- 2D  Analysis  -3D  Analysis 


Figure  4-8.  Comparison  of  2D  and  3D  pushover  curves  for  walls  A  and  B. 
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Displacement  (in) 

- 2D  Analysis  - 3D  Analysis 

Figure  4-9.  Comparison  of  2D  and  3D  pushover  curves  for  walls  1  and  2. 

As  would  be  expected,  the  3D  pushovers  exhibit  increased  strength.  This  effect 
is  due  to  the  behavior  of  the  out-of-plane  walls,  which  is  usually  neglected  for 
masonry  design.  For  the  pushovers  shown  above,  the  out-of-plane  strength  of 
the  masonry  piers  was  specified  in  SAP  to  be  one-tenth  the  in-plane  strength. 
Since  the  combined  in-plane  strength  of  walls  A  and  B  is  about  three  times  lar¬ 
ger  than  that  of  walls  1  and  2,  the  effect  of  the  out-of-plane  walls  is  considerably 
more  pronounced  for  loading  in  the  1-2  plane  direction. 

A  predominant  feature  of  the  3D  pushover  curve  for  walls  1  and  2  is  a  reduced 
deformation  capacity  compared  with  that  of  the  2D  response.  This  behavior  is  a 
result  of  the  P-delta  effect,  or  a  magnification  of  the  overturning  moment  caused 
by  lateral  deflection  of  the  structure.  As  the  building  translates,  the  downward 
force  due  to  its  own  mass  becomes  eccentric  to  its  base,  producing  a  moment  that 
combines  with  that  caused  by  the  lateral  force.  While  both  the  3D  and  2D  analy¬ 
ses  include  P-delta  effects,  the  additional  mass  from  the  diaphragm  and  out-of¬ 
plane  walls  in  the  3D  model  results  in  a  much  greater  amplification.  The  weight 
of  the  building  is  just  one  of  two  contributing  factors  in  evaluating  the  severity  of 
P-delta  effects,  however.  If  the  displacement  of  the  structure  is  small  enough, 
the  effect  will  be  minimal  regardless  of  the  vertical  compressive  force;  such  is  the 
case  for  walls  A  and  B.  Figure  4-10  and  Figure  4-11  each  show  the  3D  pushover 
curves  for  both  horizontal  directions,  with  a  curve  that  includes  P-delta  effects 
and  a  curve  that  neglects  P-delta  effects. 
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Displacement  (in) 


- Includes  P-delta 


Figure  4-10.  P-delta  effects  for  A-B  plane  direction. 


Displacement  (in) 


- Includes  P-delta 


Figure  4-11.  P-delta  effects  for  1-2  plane  direction. 


Building  Mode  Shapes  and  Frequencies 

A  3D  finite  element  model  was  created  in  SAP  2000NL  (Figure  4-12)  in  order  to 
predict  the  dynamic  characteristics  of  the  building  in  addition  to  the  response  of 
the  test  structure  to  the  Nahanni  earthquake.  The  walls  of  the  model  were  con¬ 
structed  of  shell  elements  and  assigned  the  experimental  material  properties 
presented  in  Chapter  2.  The  number  of  shell  elements  ensures  geometric  con¬ 
formity  and  an  accurate  description  of  the  response  characteristics  of  the  build¬ 
ing.  The  diaphragms  of  the  model  were  constructed  of  shell  elements  represent¬ 
ing  the  diagonal  sheathing  and  frame  elements  were  used  to  represent  the  joists 
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and  stud  walls.  The  diaphragm  was  calibrated  to  obtain  deflection  characteris¬ 
tics  in  agreement  with  the  results  from  Chapter  3  by  reducing  the  thickness  of 
the  shell  element  (diaphragm  thickness)  to  0.0625  in. 


Figure  4-12.  3D  finite  element  model  created  in  SAP  2000NL. 

SAP  2000NL  automatically  calculates  the  building’s  mode  shapes  and  frequen¬ 
cies  for  any  dynamic  analysis.  The  periods  and  mode  shapes  for  the  test  model’s 
first  four  modes  are  shown  below  in  Figure  4-13  through  Figure  4-16.  The  first 
two  modes  are  the  fundamental  translational  modes  in  the  horizontal  plan  direc¬ 
tions.  The  mode  associated  with  walls  1  and  2  has  a  longer  period  than  the  mode 
associated  with  walls  A  and  B  because  the  structure  is  considerably  less  stiff  in 
the  1-2  plane  direction.  The  third  and  fourth  modes  are  characterized  by  the 
out-of-phase  response  of  the  floor  and  roof  diaphragms.  Since  walls  A  and  B 
have  a  higher  stiffness  in  bending  than  walls  1  and  2,  in-plane  diaphragm  re¬ 
sponse  in  the  A-B  plane  direction  occurs  at  a  longer  period  than  in  the  1-2  plane 
direction. 
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Figure  4-13.  First-mode  shape  of  test  structure,  period  of  0.096  sec. 


Figure  4-14.  Second-mode  shape  of  test  structure,  period  of  0.086  sec. 
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Figure  4-15.  Third-mode  shape  of  test  structure,  period  of  0.063  sec. 


Figure  4-16.  Fourth-mode  shape  of  test  structure,  period  of  0.053  sec. 
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Predicted  Dynamic  Response 

The  response  of  a  building  to  any  load  case  is  best  understood  through  an 
evaluation  of  the  load  path  from  the  point  of  application  to  the  foundation.  In 
the  case  of  an  earthquake,  accelerations  that  occur  at  the  foundation/ground  in¬ 
terface  propagate  through  the  height  of  the  structure  and  generate  inertial  forces 
by  accelerating  the  structure’s  mass.  At  the  floor  levels,  the  diaphragms  distrib¬ 
ute  inertial  forces  to  the  lateral  load  resisting  system,  which  then  transfers  the 
forces  back  to  the  foundation.  For  most  buildings,  the  lateral  load  resisting  sys¬ 
tems  are  independent,  but  because  of  the  continuity  of  masonry  walls,  this  is  not 
the  case  for  URM  structures.  Consequently,  the  lateral  motions  caused  by  one 
direction  of  motion  have  a  significant  effect  on  the  lateral  load  resisting  system 
in  the  orthogonal  direction. 

Sweeney  et  al.  (2004)  documented  the  preliminary  analysis  of  the  test  model  for 
the  considered  earthquakes  listed  in  the  previous  chapter.  As  previously  stated, 
the  Nahanni  earthquake  produced  large  responses  for  multidirectional  excitation 
because  the  peak  responses  of  the  building  in  the  horizontal  plan  directions  for 
unidirectional  excitation  occurred  at  the  same  time.  This  section  discusses  in 
detail  the  combinations  predicted  for  the  Nahanni  earthquake  and  the  effect  that 
the  lateral  load  resisting  systems  have  on  each  other.  In  particular,  the  distribu¬ 
tion  of  base  shears,  vertical  forces,  and  their  combined  effect  will  be  presented. 
Because  the  results  of  this  section  are  based  upon  a  3D  linear  time-history 
analysis,  this  discussion  is  valid  only  until  first  cracking.  The  loads  at  which 
cracking  is  expected  to  occur  are  presented  at  the  end  of  this  section. 

Base  Shears 

The  distribution  of  base  shears  in  a  building  depends  upon  the  distribution  of 
mass,  the  acceleration  of  the  mass  during  a  seismic  event,  and  the  stiffness  of 
the  building’s  diaphragms.  The  base  shear  that  an  in-plane  wall  resists  includes 
the  inertial  forces  resulting  from  its  own  mass  and  a  portion  of  the  inertial  forces 
generated  by  the  mass  of  the  diaphragms  and  the  mass  of  the  out-of-plane  walls. 
In  other  words,  the  forces  that  result  from  the  acceleration  of  an  in-plane  wall’s 
mass  are  resisted  entirely  by  that  wall,  but  the  forces  that  result  from  the  accel¬ 
eration  of  the  diaphragms’  mass  and  the  out-of-plane  walls’  mass  are  distributed 
to  the  in-plane  walls  based  upon  the  stiffness  of  the  diaphragm.  For  a  flexible 
diaphragm,  like  those  in  the  test  model,  inertial  loads  are  transferred  according 
to  amount  of  force  located  in  the  tributary  area  of  the  diaphragm  to  each  in¬ 
plane  wall.  Because  the  distribution  of  mass  at  the  diaphragm  levels  is  fairly 
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symmetric  in  both  plan  directions,  SAP  predicts  that  the  force  resisted  by  the  in¬ 
plane  walls  is  approximately  equal  for  excitation  in  either  direction. 

The  predicted  distribution  of  base  shears  in  the  test  model  is  most  easily  under¬ 
stood  for  the  case  when  ground  motion  is  applied  only  in  the  x- direction.  Figure 
4-17  presents  the  direction  of  the  shear  forces  applied  to  the  test  model’s  first- 
floor  piers  for  this  case.  Due  to  symmetry  of  mass,  noted  above,  the  total  pre¬ 
dicted  base  shear  in  walls  A  and  B  are  approximately  equal.  Figure  4-17  also 
demonstrates  that  the  shear  forces  in  the  in-plane  walls  are  transferred  to  the 
out-of-plane  walls  due  to  the  connection  of  the  lateral  load  resisting  systems. 
This  behavior  is  consistent  with  the  direction  of  shear  flow  in  a  box  beam  section. 


117'  '71  i 


Figure  4-17.  Distribution  of  shear  forces  for  earthquake  only  in  the  x-direction. 

In  terms  of  magnitude,  SAP  predicts  that  the  shear  forces  in  the  piers  of  wall  A 
shown  in  Figure  4-17  are  nearly  equal  (Figure  4-18).  This  result  indicates  the 
possibility  that  the  pier  stiffness  values  calculated  from  FEMA  356,  which  are 
presented  in  Table  4-1,  are  somewhat  inaccurate.  The  distribution  of  shear  force 
between  the  piers  of  wall  B  is  essentially  identical  to  what  is  shown  in  Figure  4- 
18.  The  piers  of  the  out-of-plane  walls  (walls  1  and  2)  develop  shear  forces  that 
are  equal  in  magnitude  and  opposite  in  direction,  resulting  in  a  total  wall  shear 
approximately  equal  to  zero.  Figure  4-19  presents  the  shear  applied  to  the  piers 
of  wall  1  for  ground  motion  only  in  the  x-direction. 
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Pier  1  - Pier  2 - Pier  3 - Pier  4 


Figure  4-18.  Shear  in  piers  of  wall  A  for  earthquake  only  in  the  x-direction. 


Figure  4-19.  Shear  in  piers  of  wall  1  for  earthquake  only  in  the  x-direction. 


In  the  perpendicular  direction,  the  base  shear  distribution  is  somewhat  more 
complicated.  This  is  due  to  the  fact  that  the  locations  of  the  center  of  mass  and 
the  center  of  stiffness  do  not  coincide  in  the  1-2  plane  direction,  as  they  do  in  the 
A-B  plane  direction  (wall  1  is  considerably  stiffer  than  wall  2).  The  resulting  ap¬ 
plied  base  shear  (inertial  loads)  is  located  at  the  center  of  mass,  and  conse¬ 
quently,  the  translation  of  the  base  shear  to  the  center  of  stiffness  results  in  a 
torsional  moment.  In  the  case  of  a  rigid  diaphragm,  the  full  torsional  moment  is 
transferred  to  the  walls  in  proportion  to  each  wall’s  stiffness  and  its  distance 
away  from  the  center  of  stiffness.  However,  due  to  the  deformation  of  a  flexible 
diaphragm,  only  a  portion  of  the  torsional  moment  can  be  transmitted.  For  the 
test  model,  the  stiffnesses  of  walls  A  and  B  are  so  much  greater  than  the  stiff¬ 
nesses  of  walls  1  and  2  that  it  can  be  assumed  that  they  resist  the  entire  moment 
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transmitted.  The  shears  developed  in  walls  A  and  B  are  in  opposite  directions 
and  form  a  couple  that  counteracts  the  applied  torsional  moment.  Graphically, 
the  distribution  of  base  shears  for  excitation  only  in  the  y-direction  can  be  un¬ 
derstood  as  the  sum  of  the  translational  and  torsional  shears  (Figure  4-20). 


tF  *11  IF  *11 


Figure  4-20.  Distribution  of  shear  forces  for  earthquake  only  in  the  y-direction. 


While  the  magnitudes  of  the  predicted  shear  forces  in  walls  1  and  2  are  approxi¬ 
mately  equal  for  accelerations  in  the  y-direction,  the  distribution  of  shear  within 
these  walls  is  very  different.  Because  piers  11  and  12  are  identical  (wall  2),  they 
resist  the  same  shear  force;  however,  pier  9,  which  comprises  most  of  wall  1,  re¬ 
sists  a  much  larger  shear  force  than  pier  10  (Figure  4-21).  The  shear  forces  in 
the  constituent  piers  of  walls  A  and  B  are  not  as  easily  understood  because  it  is 
impossible  to  separate  the  shears  developed  through  translation  from  those  de¬ 
veloped  through  torsion  when  examining  the  results  from  SAP.  However,  the 
results  do  indicate  that  piers  4  and  8  (adjacent  to  wall  2)  sustain  large  shear 
forces  compared  to  the  other  piers  in  walls  A  and  B  (Figure  4-22  and  Figure  4— 
23).  Furthermore,  the  shear  forces  in  piers  1  and  5  due  to  translation  are  larger 
than  those  due  to  torsion,  and  consequently,  the  direction  of  their  shear  forces  is 
opposite  of  the  other  piers. 


Shear  (kip)  Shear  (kip) 
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Pier  9 - Pier  10 


Figure  4-21 .  Shear  in  piers  of  wall  1  for  earthquake  only  in  the  y-direction. 


Pier  1  - Pier  2 - Her  3 - Her  4 


Figure  4-22.  Shear  in  piers  of  wall  A  for  earthquake  only  in  the  y-direction. 
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Figure  4-23.  Shear  in  piers  of  wall  B  for  earthquake  only  in  the  y-direction. 


In  the  case  of  a  linear  analysis,  the  response  of  a  building  to  a  multidirectional 
earthquake  can  be  determined  by  summing  the  time-history  responses  from  in¬ 
dividual  earthquake  components.  For  design,  a  combination  rule  is  normally 
used,  such  as  the  FEMA  368  100%-30%  combination  of  peak  response  quantities. 
This  method  is  based  on  the  principle  that  maximum  responses  from  orthogonal 
ground  motion  components  usually  do  not  occur  at  the  same  time.  However, 
previous  analytical  work  performed  by  Sweeney  et  al.  (2004)  indicated  that  large 
horizontal  responses  occurred  concurrently  for  the  Nahanni  earthquake,  which 
generated  wall  forces  up  to  7.5%  greater  than  those  predicted  by  FEMA  368. 
The  nature  of  the  combination  is  positive  in  the  x-direction  and  positive  in  the  y- 
direction  (or  a  negative  combination  when  the  force  direction  reverses).  There¬ 
fore,  Figure  4-17  and  Figure  4-20  can  be  used  to  gain  perspective  on  the  sum¬ 
mation  of  pier  shear  forces. 

There  are  several  piers  in  the  test  model  that  will  experience  additive  shear  from 
the  two  horizontal  ground  motion  components.  In  particular,  piers  12,  10,  4,  and 
3  demonstrate  this  behavior.  The  most  severe  case  of  shear  combination  occurs 
in  pier  4,  where  the  shear  force  resulting  from  the  x  and  y  components  of  ground 
motion  are  of  comparable  value.  In  instances  where  one  component  dominates 
the  response,  the  combinational  effect  is  considerably  less  significant.  To  dem¬ 
onstrate  this  principle  and  the  nature  of  the  building  response  to  the  bidirec¬ 
tional  Nahanni  earthquake,  Figure  4-24  and  Figure  4-25  plot  the  shear  force  in 
piers  4  and  12,  respectively,  for  both  the  independent  x  and  y  direction  earth¬ 
quakes  and  also  the  simultaneous  xy  earthquake. 
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X - Y  - XY 


Figure  4-24.  Shear  in  pier  4  for  unidirectional  and  bidirectional  Nahanni  earthquake. 


X - Y  - XY 


Figure  4-25.  Shear  in  pier  12  for  unidirectional  and  bidirectional  Nahanni  earthquake. 

The  behavior  of  each  pier  in  the  test  structure  shown  in  the  above  figures  dem¬ 
onstrates  the  similarity  of  the  horizontal  building  responses.  However,  as  Figure 
4-17  and  Figure  4-20  indicate,  some  of  the  piers  are  subjected  to  shear  forces 
from  the  two  ground  motion  components  acting  in  opposite  directions,  thereby 
reducing  the  bidirectional  response.  Table  4-4  presents  the  peak  shear  forces  in 
all  of  the  piers  for  unidirectional  excitation  and  compares  them  with  the  peak 
shear  force  resulting  from  bidirectional  excitation  and  the  shear  force  predicted 
by  the  100%-30%  combination  rule  prescribed  in  FEMA  368.  The  table  also  indi¬ 
cates  which  piers  violate  the  FEMA  368  method  and  by  what  percentage. 
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Table  4-4.  Comparison  of  peak  shear  forces  due  to  bidirectional  excitation  with 
those  predicted  by  the  FEMA  368  combination  rule. 


Pier  (wall) 

Vx(kip) 

Vy(kip) 

Vioo%-3o%  (kip) 

Vxy(kip) 

Violates? 

%  Underestimated 

1  (A) 

-10.79 

-2.17 

11.44 

9.72 

NO 

0.00% 

2(A) 

-9.99 

0.55 

10.16 

10.25 

YES 

0.93% 

3(A) 

-8.41 

1.24 

8.78 

9.06 

YES 

3.07% 

4(A) 

-8.87 

8.95 

11.61 

14.35 

YES 

19.09% 

5(B) 

-10.35 

2.07 

10.97 

11.32 

YES 

3.08% 

6(B) 

-9.65 

-0.56 

9.82 

9.36 

NO 

0.00% 

7(B) 

-8.13 

-1.11 

8.46 

7.53 

NO 

0.00% 

8(B) 

-8.59 

-8.71 

11.29 

8.86 

NO 

0.00% 

9(1) 

2.43 

34.24 

34.97 

33.24 

NO 

0.00% 

10  (1) 

-2.48 

6.64 

7.38 

7.71 

YES 

4.23% 

11  (2) 

1.74 

20.85 

21.37 

20.19 

NO 

0.00% 

12(2) 

-1.85 

21.29 

21.85 

21.95 

YES 

0.48% 

Vertical  Forces 

The  decision  was  made  to  perform  shake  table  tests  only  in  the  horizontal  direc¬ 
tions  because  most  changes  in  vertical  stress  do  not  come  from  the  vertical 
ground  motions  themselves,  but  rather  from  the  lateral  motions  on  the  building. 
Masonry  buildings  constitute  a  box  system,  and  that  system  is  necessary  to  re¬ 
sist  horizontal  actions  (Beskos  1997).  Therefore,  when  the  building  experiences 
force  in  one  direction,  the  in-plane  walls  resist  the  force  by  shear,  and  the  con¬ 
necting  flanges  of  the  out-of-plane  walls  resist  the  force  by  compression  and  ten¬ 
sion.  In  this  way,  the  out-of-plane  walls  help  prevent  the  global  overturning  of 
the  structure.  This  behavior  is  especially  evident  in  a  building  like  the  test 
model,  which  has  a  small  plan  aspect  ratio.  The  tensile  and  compressive  forces 
that  result  from  lateral  motions  in  the  positive  x  and  positive  y  directions  are 
represented  graphically  in  Figure  4-26  and  Figure  4-27,  respectively.  The  two 
drawings  of  the  building  in  Figure  4-27  correspond  to  the  translational  compo¬ 
nent  (left)  and  the  torsional  component  (right),  as  was  the  case  for  Figure  4-20. 
In  both  Figure  4-26  and  Figure  4-27,  only  the  total  effect  of  the  lateral  load  on 
adjacent  piers  at  a  building  corner  is  given  because  of  the  complex  interaction  of 
the  two  piers. 
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Figure  4-26.  Direction  of  vertical  forces  for  positive  x-direction  earthquake. 
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Figure  4-27.  Direction  of  vertical  forces  for  positive  y-direction  earthquake. 


The  vertical  stresses  imparted  to  an  interior  in-plane  pier  (piers  2,  3,  6,  and  7) 
for  unidirectional  loading  include  those  resulting  from  shear,  global  overturning 
moment,  and  dead  load.  The  stresses  caused  by  these  components  are  shown 
acting  on  a  pier  in  Figure  4-28.  The  dead  load,  displayed  at  the  top  of  the  figure, 
is  constant  over  the  length  of  the  pier.  The  global  overturning  moment  imparts  a 
linear  stress  distribution  along  the  length  of  an  in-plane  wall,  ranging  from 
maximum  compression  at  one  end  of  the  wall  to  maximum  tension  at  the  other 
end.  Therefore,  the  stresses  in  a  pier  due  to  this  component  will  be  linear  and 
compressive  or  tensile  in  nature,  in  accordance  with  Figure  4—26  and  Figure  4— 
27.  The  vertical  stresses  due  to  shear  are  simply  bending  stresses  caused  by  the 
fixity  at  the  top  and  bottom  of  the  pier  and  are  oriented  such  that  they  counter¬ 
act  local  overturning. 
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Figure  4-28.  Combination  of  vertical  stresses  on  an  in-plane  pier  for  unidirectional  loads  only. 


At  the  corners  of  the  structure,  the  distribution  of  stresses  is  more  complicated 
than  that  shown  in  Figure  4-28  because  the  in-plane  pier  and  the  adjacent  out- 
of-plane  pier  act  together  in  bending  like  the  web  and  flange  of  a  beam.  There¬ 
fore,  the  neutral  axis  for  bending  of  the  section  shifts  from  mid-depth  for  a  rec¬ 
tangular  section,  to  a  location  closer  to  the  flange.  To  illustrate  the  consequence 
of  the  interaction  of  corner  piers,  the  behavior  of  piers  12  and  4  for  positive  y- 
direction  loading  will  be  considered.  In  this  case,  pier  12  acts  as  the  web  and 
pier  4  acts  as  the  flange.  The  cross-section  has  a  total  depth  of  24  in.,  a  flange 
width  of  24  in.,  a  flange  depth  of  5.9  in.,  and  a  web  width  of  3.9  in.  The  elastic 
neutral  axis  for  this  section  is  only  1  in.  below  the  bottom  of  the  flange.  Thus, 
over  70%  of  the  base  of  pier  12  is  in  tension  when  considering  the  stresses  result¬ 
ing  only  from  shear.  The  compressive  stresses  due  to  the  overturning  moment 
and  the  dead  load  of  the  structure  lower  the  neutral  axis  some,  but  not  enough  to 
change  the  resultant  force  at  the  base  of  pier  12  from  tensile  to  compressive  be¬ 
cause  of  the  large  magnitude  of  the  stresses  caused  by  the  applied  shear  force. 
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The  behavior  of  piers  12  and  4  in  this  example  is  contrary  to  the  expectation  that 
pier  12  will  have  a  net  compressive  force  for  positive  y-direction  loading  because 
of  the  effect  of  the  overturning  moment.  Note,  however,  that  the  overall  effect  on 
the  combined  piers  is  compressive  for  a  positive  y-direction  load,  as  Figure  4—29 
demonstrates.  This  fact  is  considered  in  Figure  4-26  and  Figure  4-27  by  demon¬ 
strating  that  the  total  vertical  effect  for  two  corner  piers  is  consistent  with  the 
nature  of  the  global  overturning  moment.  In  Figure  4-29,  vertical  force  does  not 
include  dead  load  and  tensile  forces  are  negative.  Therefore,  a  positive  y- 
direction  load  is  being  applied  when  the  vertical  force  in  pier  4  is  positive. 


Figure  4-29.  Vertical  forces  in  piers  12  and  pier  4,  along  with  their  sum,  for  y-direction 

earthquake. 


The  composite  behavior  of  piers  12  and  4  is  consistent  with  the  response  of  the 
other  corners  in  the  building.  However,  in  not  every  case  is  the  resultant  force 
on  the  web  of  the  cross-section  tensile  when  the  flange  is  in  compression.  There 
are  two  reasons  for  this  fact.  First,  if  the  orientation  of  the  cross-section  is  such 
that  the  pier  of  smaller  width  acts  as  the  flange  (pier  12  in  our  example),  the 
neutral  axis  will  be  closer  to  mid-depth  than  in  the  case  where  the  pier  of  greater 
width  acts  as  the  flange.  As  a  result,  more  of  the  web  will  be  in  compression  and 
the  resultant  tensile  force  will  decrease.  The  second  reason  is  that  the  vertical 
forces  caused  by  shear  may  be  small  enough  that  the  vertical  forces  due  to  global 
overturning  and  dead  load  mask  them.  This  is  the  case  for  piers  10  and  5  when 
pier  10  acts  as  the  web  of  the  combined  cross-section.  The  shear  force  sustained 
by  pier  10  is  less  than  one-third  of  the  force  that  pier  12  sustains  for  ground  mo¬ 
tion  only  in  the  y-direction.  Consequently,  the  total  effect  of  the  global  overturn¬ 
ing  moment  and  dead  load  is  just  enough  to  convert  the  resultant  force  on  pier 
10  from  tension  to  compression  Figure  4—30. 
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Figure  4-30.  Vertical  forces  in  pier  10  and  pier  5,  along  with  their  sum,  for  y-direction 

earthquake. 

The  majority  of  the  vertical  forces  resulting  from  ground  motion  perpendicular  to 
a  wall’s  length  are  located  near  the  wall  edges  where  the  corner  piers  act  as 
flanges  for  the  corner  piers  of  the  in-plane  walls.  The  interior  piers  of  an  out-of¬ 
plane  wall  also  sustain  vertical  forces  due  to  cross-motion,  but  those  forces  are 
considerably  smaller  than  the  forces  at  the  ends  of  the  wall.  Figure  4-31  plots 
the  vertical  forces  in  wall  B  for  ground  motion  only  in  the  y-direction.  As  ex¬ 
pected,  the  forces  at  the  ends  of  wall  B  are  larger  than  those  acting  on  the  inte¬ 
rior  piers  because  of  flange  effects.  Pier  8  sustains  larger  vertical  forces  than 
pier  5  because  the  shear  force  in  pier  12  is  more  than  three  times  larger  than  the 
shear  in  pier  10.  Consequently,  the  vertical  force  component  due  to  shear  is 
much  greater  in  pier  8  than  in  pier  5.  The  behavior  of  wall  A  as  an  out-of-plane 
wall  is  identical  to  that  shown  in  Figure  4-31.  For  the  case  where  wall  2  acts  as 
an  out-of-plane  wall  during  unidirectional  ground  motion  in  the  x-direction,  piers 
12  and  11  receive  the  same  vertical  force.  However,  for  wall  1,  pier  9  resists  ver¬ 
tical  forces  that  are  considerably  larger  than  those  resisted  by  pier  10  due  to  the 
size  of  pier  9. 
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Figure  4-31.  Vertical  forces  in  wall  Afory-direction  earthquake  only. 


The  discussion  of  vertical  forces  has  thus  far  been  limited  to  unidirectional 
ground  motion.  For  bidirectional  ground  motion,  Figure  4-26  and  Figure  4-27 
can  be  examined  together  to  determine  the  distribution  of  vertical  forces.  These 
figures  indicate  that  only  piers  9  and  2  could  possibly  experience  vertical  forces 
that  combine  additively  for  all  components.  Figure  4-32  illustrates  the  combina¬ 
tion  of  vertical  forces  on  pier  2  for  the  both  horizontal  ground  motion  components 
and  also  demonstrates  that  for  pier  2,  the  dominant  component  is  due  to  cross¬ 
motion  (y-direction). 


X - Y  - XY 


Figure  4-32.  Vertical  forces  in  pier  2  for  unidirectional  and  bidirectional  ground  motions. 

In  general,  due  to  the  complexity  of  the  combination  of  vertical  stresses  arising 
from  shear,  in-plane  overturning  moment,  out-of-plane  overturning  moment,  and 
dead  load,  the  behavior  of  each  pier  should  be  examined  individually.  To  gain 
perspective  on  the  magnitude  of  vertical  forces  resulting  from  lateral  load,  Table 
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4-5  presents  the  maximum  and  minimum  vertical  forces  on  each  pier  resulting 
from  the  unidirectional  and  bidirectional  earthquakes.  Table  4-5  also  includes 
the  dead  load  in  the  piers,  which  can  be  added  to  the  forces  resulting  from  the 
ground  motions  to  determine  the  total  maximum  and  minimum  vertical  forces. 
The  results  indicate  that  for  all  piers  except  piers  11  and  12,  the  dominant  verti¬ 
cal  force  is  due  to  the  ground  motion  component  perpendicular  to  the  length  of 
the  pier.  Piers  11  and  12  do  not  conform  to  this  trend  because  of  the  very  large 
vertical  forces  generated  by  shear  during  in-plane  excitation. 


Table  4-5.  Maximum  and  minimum  vertical  forces  due  to 
unidirectional  and  bidirectional  earthquakes. 


Pier  (wall) 

P x,  max 

P x,  min 

P y,  max 

P y,  min 

P xy,  max 

P xy,  min 

P  dead 

1  (A) 

4.18 

-4.68 

15.70 

-12.71 

17.59 

-14.44 

3.40 

2(A) 

0.48 

-0.43 

5.86 

-4.81 

6.04 

-4.96 

3.81 

3(A) 

0.97 

-0.77 

5.49 

-4.49 

5.19 

-4.19 

3.80 

4(A) 

3.85 

-3.11 

36.08 

-28.74 

34.82 

-27.55 

4.45 

5(B) 

5.11 

-5.59 

11.12 

-13.72 

10.17 

-11.44 

3.66 

6(B) 

0.68 

-0.66 

4.30 

-5.23 

4.08 

-4.95 

3.94 

7(B) 

1.13 

-0.94 

4.15 

-5.07 

4.53 

-5.51 

3.95 

8(B) 

4.45 

-3.57 

27.86 

-35.00 

29.36 

-36.55 

4.75 

9(1) 

19.93 

-22.98 

1.20 

-1.07 

19.71 

-23.10 

9.58 

10  (1) 

12.48 

-13.59 

1.33 

-1.67 

11.60 

-12.66 

2.44 

11  (2) 

14.56 

-13.15 

23.72 

-18.95 

18.91 

-19.98 

3.16 

12(2) 

14.23 

-12.31 

18.60 

-23.32 

28.21 

-29.34 

2.79 

Combined  Shear  and  Vertical  Force 

The  previous  sections  discussed  only  the  distribution  of  base  shears  and  vertical 
forces  individually.  However,  based  on  the  FEMA  356  equations,  it  is  clear  that 
the  lateral  strength  of  a  pier  is  greatly  dependent  upon  compressive  stress. 
Therefore,  the  interaction  of  shear  and  vertical  force  could  have  a  large  effect  on 
the  behavior  of  a  URM  structure.  This  is  particularly  true  for  the  test  model  be¬ 
cause  large  horizontal  responses  occur  concurrently  for  the  bidirectional 
Nahanni  earthquake.  Since  vertical  forces  are  due  primarily  to  lateral  motions 
on  the  building,  all  piers  of  the  test  model  will  experience  large  shear  forces  and 
large  vertical  forces  at  the  same  time  (Figure  4-33). 
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Shear - Vertical 


Figure  4-33.  Interaction  of  base  shear  and  vertical  forces  for 
pier  2  under  simultaneous  xy  ground  motion. 

Using  the  FEMA  356  equations,  graphs  can  be  constructed  for  each  pier  plotting 
the  variation  in  lateral  strength  for  the  four  different  pier  failure  modes  as  a 
function  of  vertical  load.  Figure  4-34  is  an  example  of  this  type  of  graph  for 
piers,  with  Llheff  equal  to  0.81  (piers  2,  3,  6,  and  7).  The  strength  of  a  pier  for  any 
vertical  load  is  controlled  by  its  strength  in  each  failure  mode.  Therefore,  for 
piers  2,  3,  6,  and  7,  the  strength  is  controlled  by  rocking  until  the  vertical  load 
reaches  5600  lbs,  at  which  point  the  failure  mode  switches  to  bed-joint  sliding. 
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Figure  4-34.  Variation  of  lateral  strength  based  on  vertical  load  of  a  20”  x  24.6”  pier  based  on 

FEMA  356. 


Examination  of  Figure  4-33  and  Figure  4-34  together  leads  to  an  important  con¬ 
clusion:  large  tensile  forces  resulting  from  overturning  may  decrease  the 

strength  of  a  pier  to  such  a  degree  that  the  concurrent  peak  lateral  forces  far  ex¬ 
ceed  its  strength,  resulting  in  severe  damage.  However,  the  degree  to  which  this 
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behavior  will  affect  the  test  structure  is  uncertain  because  of  the  complex  behav¬ 
ior  of  the  corner  piers,  which  comprise  eight  of  the  test  model’s  twelve  piers. 
While  the  vertical  loads  may  decrease  the  lateral  strength  of  the  corner  piers, 
the  flange  portion  of  the  combined  section  may  offset  this  reduction  by  a  strength 
contribution  that  is  not  taken  into  account  by  the  FEMA  356  equations.  (FEMA 
356  assumes  that  only  the  web  of  the  corner  cross-section  resists  shear.)  Only 
seismic  testing  of  the  structure  will  reveal  the  true  effect  of  shear  force  and  ver¬ 
tical  force  interaction. 

Approximate  Cracking  Loads 

Based  on  the  results  of  the  SAP  2000NL  linear  time-history  analysis,  the  per¬ 
centage  of  the  Nahanni  earthquake  that  is  required  to  cause  cracking  in  each 
pier  was  determined.  This  percentage  was  found  by  dividing  the  capacity  of  each 
pier  (cracking  shear  force  in  Table  4-1)  by  the  demand  on  the  pier  for  both  unidi¬ 
rectional  earthquakes  (x  and  y)  and  the  bidirectional  earthquake  (xy).  The  re¬ 
sults  are  presented  in  Table  4-6,  Table  4-7,  and  Table  4-8.  Since  the  peak  accel¬ 
erations  for  the  x-direction  and  y-direction  Nahanni  time  histories  are 
approximately  ±  1  g,  the  percentages  listed  in  the  tables  can  also  be  thought  of  as 
the  accelerations  (in  g)  required  to  cause  cracking  multiplied  by  100.  Note  that 
these  cracking  loads  do  not  consider  the  interaction  of  shear  and  vertical  forces 
(for  reasons  just  discussed)  and  that  they  assume  the  entire  structure  is  linear 
elastic.  In  other  words,  this  analysis  cannot  take  into  account  the  structure’s 
behavioral  shift  from  a  completely  linear-elastic  state  to  one  that  is  partially 
nonlinear. 


Table  4-6.  Cracking  loads  predicted  by  SAP  2000NL  for  Nahanni  x-direction  earthquake. 


Pier  (wall) 

Vcrack  (kip) 

V  (kip) 

%  of  EQ  to  Crack 

1  (A) 

3.417 

-10.79 

31.67% 

2(A) 

2.373 

-9.99 

23.76% 

3(A) 

2.373 

-8.41 

28.22% 

4(A) 

1.981 

-8.87 

22.34% 

5(B) 

3.417 

-10.35 

33.02% 

6(B) 

2.373 

-9.65 

24.59% 

7(B) 

2.373 

-8.13 

29.19% 

8(B) 

1.981 

-8.59 

23.06% 

9(1) 

3.513 

2.43 

144.59% 

10  (1) 

1.163 

-2.48 

46.91% 

11  (2) 

1.370 

1.74 

78.73% 

12(2) 

1.370 

-1.85 

74.05% 
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Table  4-7.  Cracking  loads  predicted  by  SAP  2000NL  for  Nahanni  y-dirirection  earthquake. 


Pier  (wall) 

Vcrack  (kip) 

V  (kip) 

%  of  EQ  to  Crack 

1  (A) 

3.417 

-2.17 

157.48% 

2(A) 

2.373 

0.55 

431.48% 

3(A) 

2.373 

1.24 

191.38% 

4(A) 

1.981 

8.95 

22.14% 

5(B) 

3.417 

2.07 

165.09% 

6(B) 

2.373 

-0.56 

423.78% 

7(B) 

2.373 

-1.11 

213.80% 

8(B) 

1.981 

-8.71 

22.75% 

9(1) 

3.513 

34.24 

10.26% 

10  (1) 

1.163 

6.64 

17.52% 

11  (2) 

1.370 

20.85 

6.57% 

12(2) 

1.370 

21.29 

6.43% 

Table  4-8.  Cracking  loads  predicted  by  SAP  2000NL  for  combined  Nahanni  x-direction  and  y- 

direction  earthquake. 


Pier  (wall) 

Vcrack  (kip) 

V  (kip) 

%  of  EQ  to  Crack 

1  (A) 

3.417 

-9.72 

35.16% 

2(A) 

2.373 

-10.25 

23.15% 

3(A) 

2.373 

-9.06 

26.19% 

4(A) 

1.981 

14.35 

13.81% 

5(B) 

3.417 

-11.32 

30.19% 

6(B) 

2.373 

-9.36 

25.35% 

7(B) 

2.373 

-7.53 

31.52% 

8(B) 

1.981 

8.86 

22.36% 

9(1) 

3.513 

33.24 

10.57% 

10  (1) 

1.163 

7.71 

15.09% 

11  (2) 

1.370 

20.19 

6.79% 

12(2) 

1.370 

21.95 

6.24% 
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5  Testing  Program 

Test  Structure  Instrumentation 
Objective 

Instrumentation  of  the  test  structure  was  designed  such  that  the  dynamic  re¬ 
sponse  of  the  building  could  be  well  described  while  also  gaining  insight  into  the 
force/deformation  properties  of  the  structural  components.  In  particular,  the  in¬ 
strumentation  included  accelerometers,  global  displacement  transducers,  and 
local  displacement  transducers.  The  following  lists  indicate  the  models  used  and 
intended  purpose  for  each  type  of  measurement  device. 

Accelerometers:  Endevco  Model  7290-10  and  Microtron  Model  7290-30 

•  Record  the  base  motion. 

•  Determine  dynamic  building  properties  including  fundamental  periods 
and  damping. 

•  Determine  diaphragm  amplification  of  wall  accelerations  and  base  accel¬ 
erations. 

•  Determine  wall  amplification  of  base  accelerations. 

Global  Displacement  Transducers:  Celesco  Model  PT101-20  variable- 
resistance,  precision  rotary  displacement  transducers 

•  Determine  approximate  deformed  shape  of  diaphragm  and  out-of-plane 
walls. 

•  Determine  displacement  of  in-plane  walls  relative  to  each  other  to  inves¬ 
tigate  degree  of  coupling. 

•  Identify  torsional  or  twisting  response. 

•  Determine  story  drifts. 
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Local  Displacement  Transducers:  ETI  Inc.  Model  LCP12A-25-10K  and  ETI 
Inc.  Model  LCP12A-50-10K  linear  potentiometers 

•  Determine  displacement  of  masonry  piers. 

Instrumentation  Scheme 

The  following  sections  describe  the  instrumentation  scheme  designed  for  the  test 
model  and  also  include  diagrams  of  the  measurement  locations. 

Accelerometers 

Figure  5-1  through  Figure  5-3  show  the  locations  of  the  accelerometers  used  at 
the  level  of  the  base  beam,  floor  diaphragm,  and  roof  diaphragm,  respectively. 
The  base  beam  accelerometers  allowed  for  a  complete  description  of  the  ground 
motion  with  respect  to  the  translational  and  rotational  components.  While  seis¬ 
mic  testing  was  only  conducted  in  the  horizontal  plan  directions,  rotational  com¬ 
ponents  inevitably  exist  and  must  be  considered  when  evaluating  the  response  of 
the  structure.  The  diaphragm  accelerometers  measured  the  in-plane  and  out-of¬ 
plane  accelerations  of  the  walls,  as  well  as  accelerations  at  the  center  of  the  dia¬ 
phragm. 


A01X 


A03X 


A01Z 

mb 
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A09Y 
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a 

Figure  5-1.  Accelerometers  located  at  base  beam  level. 
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Figure  5-2.  Accelerometers  located  at  the  floor  diaphragm  level. 


Figure  5-3.  Accelerometers  located  at  the  roof  diaphragm  level. 


Global  Displacement  Transducers 


Figure  5-4  through  Figure  5-6  show  the  global  displacement  transducers  located 
at  the  level  of  the  base  beam,  floor  diaphragm,  and  roof  diaphragm,  respectively. 
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Similar  to  the  accelerometer  scheme,  the  global  displacements  measured  during 
testing  included  the  ground  motion,  in-plane  and  out-of-plane  displacement  of 
the  walls,  and  the  displacement  of  the  diaphragm  (taken  as  the  out-of-plane  dis¬ 
placement  of  the  walls  due  to  connectivity).  The  global  displacement  transducers 
were  attached  to  fixed  locations  away  from  the  test  structure  and  were  connected 
to  the  positions  shown  using  steel  wire.  The  only  exception  to  this  setup  was  for 
the  displacements  DTX,  DTY,  and  DTZ,  which  were  measured  directly  by  the 
shake  table. 


Figure  5-4.  Global  displacement  transducers  located  at  base  beam  level. 
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Figure  5-5.  Global  displacement  transducers  located  at  floor  diaphragm  level. 


Figure  5-6.  Global  displacement  transducers  located  at  roof  diaphragm  level. 


Local  Displacement  Transducers 


Figure  5-7  through  Figure  5-10  show  the  local  displacement  transducers  used 
on  the  walls  of  the  test  structure.  In  general,  the  transducers  located  on  the 
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piers  were  oriented  vertically  and  diagonally  in  order  to  measure  rocking  and 
sliding  behavior,  respectively.  Figure  5—11  is  a  photograph  of  the  instrumenta¬ 
tion  on  pier  1,  which  is  essentially  identical  to  the  instrumentation  on  the  other 
piers  of  the  test  structure.  The  steel  wires  that  span  the  gage  length  were  visu¬ 
ally  inconspicuous  in  the  original  photo,  so  they  have  been  accentuated  with 
black  lines.  Local  displacement  transducers  were  also  attached  between  the  dia¬ 
phragm  and  the  walls  (LAV9  -  LAV11;  LBV9  -  LBV11)  to  measure  slip  in  the 
joist  pockets. 
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Figure  5-7.  Local  displacement  transducers  for  wall  A. 
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Figure  5-9.  Local  displacement  transducers  for  wall  1 
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Figure  5-10.  Local  displacement  transducers  for  wall  2. 


Figure  5-11.  Instrumentation  on  pier  1. 
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Sequence  of  Testing 

The  testing  of  the  half-scale  model  was  completed  in  two  sets  of  shake  table 
tests.  The  preliminary  testing,  performed  on  1  April  2003,  consisted  of  only  low 
level  tests.  The  second  set  of  tests,  completed  on  8  April  2003,  consisted  of  in¬ 
creasing  magnitudes  of  the  Nahanni  earthquake  until  significant  damage  oc¬ 
curred.  The  change  in  natural  periods  and  damping  from  the  undamaged  state 
to  the  damaged  state  was  determined.  White-noise  and  sine-sweep  tests  were 
used  to  determine  the  structure’s  natural  periods  and  sine- decay  tests  were  used 
to  compute  damping  ratios.  All  tests  were  performed  at  ERDC-CERL  on  TESS, 
the  Triaxial  Earthquake  and  Shock  Simulator. 

Preliminary  Testing 

The  primary  objective  of  the  preliminary  tests  was  to  determine  the  test  model’s 
natural  periods  and  its  elastic  response  to  the  Nahanni  earthquake  before  test¬ 
ing  at  levels  that  could  cause  damage.  Table  5-1  presents  the  sequence  of  pre¬ 
liminary  tests  conducted.  The  amplitudes  of  the  white-noise  and  sine-sweep 
tests  (listed  as  peak  accelerations  in  Table  5-1)  were  selected  such  that  a  clear 
response  was  achieved  while  also  ensuring  that  the  building  did  not  sustain  any 
damage.  In  some  cases,  the  tests  were  repeated  at  larger  amplitudes  to  obtain 
better  results.  Only  the  largest-amplitude  tests  are  shown  in  Table  5-1. 

Preliminary  testing  concluded  with  two  low  level  unidirectional  Nahanni  earth¬ 
quakes,  scaled  to  9.5%  of  the  full  earthquake  in  the  x-direction  and  7%  of  the  full 
earthquake  in  the  y-direction.  The  goal  of  these  tests  was  to  gain  an  under¬ 
standing  of  the  linear-elastic  response  of  the  test  model  and  also  to  use  the  test 
results  as  a  verification  of  the  finite  element  model  created  in  SAP  2000NL.  The 
comparison  of  the  experimental  and  analytical  data  helped  to  determine  the  ac¬ 
curacy  of  the  SAP  model  and,  consequently,  the  accuracy  of  the  approximate 
cracking  loads  and  cracking  locations. 


Table  5-1.  Sequence  of  preliminary  tests  performed  on  the  structure. 


Test 

Direction 

Type 

Peak  X  Acceleration 

Peak  Y  Acceleration 

1 

Y 

White-Noise 

— 

0.16  g 

2 

Y 

Sine-Sweep 

— 

0.02  g 

3 

X 

White-Noise 

0.04  g 

— 

4 

X 

Sine-Sweep 

0.02  g 

— 

5 

X 

Nahanni  X  (9.5%) 

0.088  g 

— 

6 

Y 

Nahanni  Y  (7%) 

— 

0.083  g 
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The  waveform  used  for  the  white-noise  tests  is  a  randomly  generated  sequence  of 
excitations  at  varying  frequencies,  but  with  nearly  constant  amplitude  (Figure 
5—12).  In  contrast,  the  sine-sweep  waveform  is  a  sine  curve  excitation  with  con¬ 
stant  amplitude,  but  with  increasing  frequency  (Figure  5-13).  All  of  the  sine- 
sweep  tests  were  performed  within  a  range  of  5  -  60  Hz.  For  both  the  white- 
noise  and  sine-sweep  tests,  the  natural  periods  of  the  building  can  be  determined 
by  creating  a  transfer  function  between  an  acceleration  time  history  of  a  point  on 
the  building  and  the  acceleration  time  history  of  the  table  (Figure  5-14).  The 
point  of  resonance  in  the  transfer  function  marks  the  natural  period  of  the  struc¬ 
ture. 
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Figure  5-12.  Typical  white-noise  test  waveform. 
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Figure  5-13.  Typical  sine-sweep  test  waveform. 
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Figure  5-14.  Typical  transfer  function  generated  by  a  white-noise  test  or  sine-sweep  test. 
Damage-Level  Testing 

The  objective  of  the  damage-level  testing  was  to  test  at  levels  that  would  allow 
for  a  description  of  the  3D  linear  and  nonlinear  responses  of  the  test  structure 
under  the  unidirectional  and  bidirectional  Nahanni  earthquake  simulations.  At 
the  same  time,  damage  of  the  structure  had  to  be  kept  to  a  level  that  would  allow 
for  structural  retrofit. 

There  are  two  contradicting  aspects  of  URM  shake  table  testing  that  were  con¬ 
sidered  in  creating  the  test  sequence.  First,  seismic  tests  should  start  at  a  low 
level  and  increase  at  an  increment  that  will  allow  for  a  reasonable  determination 
of  the  load/deformation  behavior  of  the  structure.  In  other  words,  if  the  first 
seismic  test  is  large  enough  to  initiate  pier  failure,  it  is  very  difficult  to  create  an 
accurate  description  of  the  building  response  because  the  limiting  bounds  of  load 
are  the  applied  load  and  zero.  Second,  the  number  of  tests  should  be  minimized 
to  reduce  the  accumulation  of  damage  before  large-magnitude  tests.  Taking  into 
account  those  considerations  and  the  approximate  cracking  loads  (Table  4-6 
through  Table  4-8),  the  decision  was  made  to  perform  seismic  tests  at  increments 
of  10  percent  of  the  full  Nahanni  earthquake.  Furthermore,  because  walls  1  and 
2  have  the  lowest  predicted  cracking  strengths,  it  was  decided  that  testing  would 
be  performed  in  the  x-direction  first,  followed  by  the  y-direction,  and  then  by  the 
simultaneous  xy  ground  motion.  Table  5-2  presents  the  damage-level  sequence 
of  shake  table  tests.  In  addition  to  the  Nahanni  seismic  tests,  white-noise  tests 
were  performed  to  determine  the  test  model’s  natural  periods  after  damage  had 
occurred,  and  sine-decay  tests  were  performed  at  the  beginning  and  end  of  test¬ 
ing  to  determine  the  test  model’s  damping  ratios  before  and  after  damage. 

Next  to  each  seismic  test  listed  in  Table  5-2  is  the  percentage  of  the  Nahanni 
earthquake  used  for  the  test.  Upon  examination,  it  is  clear  that  the  peak  ground 
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acceleration  (PGA)  for  each  test  is  greater  than  what  would  be  expected  for  the 
percentage  specified.  From  Chapter  3,  the  maximum  and  minimum  ground  ac¬ 
celerations  of  the  full  Nahanni  earthquake  in  the  x-direction  are  0.9458  g  and  - 
1.0935  g,  and  in  the  y-direction  earthquakes  are  0.9355  g  and  -0.9723  g.  The 
cause  for  this  discrepancy  is  due  to  the  connectivity  of  the  shake  table  actuators. 
TESS  has  nine  vertical  actuators  in  the  z-direction,  six  horizontal  actuators  in 
the  x-direction,  and  two  horizontal  actuators  in  the  y-direction  that  must  all 
move  together  during  a  test.  Consequently,  when  unidirectional  or  bidirectional 
excitation  is  specified  as  input  for  TESS,  the  actuators  associated  with  the  zero 
degrees  of  freedom  must  move  as  well  as  those  associated  with  the  intended  di- 
rection(s)  of  excitation.  As  a  way  to  compensate  for  this  interaction,  TESS  gen¬ 
erates  waveforms  for  each  degree  of  freedom  which,  when  applied  together,  are 
intended  to  produce  the  desired  excitation  accelerations.  This  procedure  is  not 
exact  on  the  first  attempt,  however,  and  numerous  iterations  may  be  needed  to 
refine  the  waveforms.  Furthermore,  this  process  is  dependent  upon  the  magni¬ 
tude  of  the  accelerations;  therefore,  iterations  would  be  required  for  each  seismic 
test  in  order  to  produce  an  exact  scale  replica  of  the  Nahanni  earthquake.  Due 
to  the  fragility  of  the  URM  test  model,  it  was  decided  that  the  potential  damage 
resulting  from  refining  the  test  motions  was  not  acceptable  and  that  the  process 
could  be  performed  only  once  at  a  low  level.  As  a  consequence  of  this  decision, 
the  actual  magnitudes  of  the  applied  ground  motions  were  larger  than  intended 
and  accelerations  of  notable  magnitude  occurred  in  degrees  of  freedom  that  were 
supposed  to  be  zero. 


Table  5-2.  Sequence  of  damage-level  tests  performed  on  the  structure. 


Test 

Direction 

Type 

Peak  X  Acceleration 

Peak  Y  Acceleration 

7 

X 

Sine-Decay 

0.04  g 

— 

8 

Y 

Sine-Decay 

— 

0.06  g 

9 

X 

Nahanni  X  (10%) 

0.135  g 

0.010  g 

10 

Y 

Nahanni  Y  (10%) 

0.019g 

0.143  g 

11 

X  +  Y 

Nahanni  X  (10%) 

+ 

Nahanni  Y  (10%) 

0.142  g 

0.142  g 

12 

X 

Nahanni  X  (20%) 

0.368  g 

0.035  g 

13 

Y 

Nahanni  Y  (20%) 

0.049  g 

0.318  g 

14 

X  +  Y 

Nahanni  X  (20%) 

+ 

Nahanni  Y  (20%) 

0.281  g 

0.315  g 

15 

X 

Nahanni  X  (30%) 

0.558  g 

0.053  g 

16 

Y 

Nahanni  Y  (30%) 

Error:  Data  Not  Recorded 
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Test 

Direction 

Type 

Peak  X  Acceleration 

Peak  Y  Acceleration 

17 

X  +  Y 

Nahanni  X  (30%) 

+ 

Nahanni  Y  (30%) 

0.518  g 

0.605  g 

18 

X 

Nahanni  X  (40%) 

0.772  g 

0.191  g 

19 

X 

White-Noise 

0.04  g 

— 

20 

Y 

White-Noise 

— 

0.04  g 

21 

X 

Sine-Decay 

0.04  g 

— 

22 

Y 

Sine-Decay 

— 

0.06  g 

The  waveform  used  for  the  sine-decay  tests  is  constant  in  amplitude  and  in  fre¬ 
quency.  The  frequency  is  set  at  a  level  just  above  the  test  structure’s  natural 
frequency  to  ensure  that  the  building  responds  clearly  and  also  to  ensure  that  if 
damage  were  to  occur  during  the  test,  the  structure  would  not  shift  into  a  reso¬ 
nance.  The  waveform  is  applied  for  a  period  of  time  and  then  suddenly  stopped, 
allowing  the  test  structure  to  vibrate  freely.  The  free  vibration  portion  of  the 
building  accelerometer  records  is  used  to  calculate  the  damping  ratio.  A  typical 
sine-decay  test  building  accelerometer  record  is  shown  in  Figure  5—15. 


Figure  5-15.  Typical  building  response  to  sine-decay  test. 


Testing  of  Half-Scale  Model 

The  testing  of  the  half-scale  model  progressed  according  to  the  preliminary  test 
schedule  and  the  damage-level  test  schedule  presented  in  Table  5-1  and  Table 
5-2,  respectively. 
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Natural  Frequencies  and  Damping  (Undamaged  State) 

White-noise  and  sine-sweep  tests  were  conducted  to  determine  the  natural  peri¬ 
ods  of  the  undamaged  test  model.  The  Seismic  Test  Execution  (STEX)  software 
application,  developed  and  licensed  by  MTS  Systems  Corp.,  was  used  to  generate 
transfer  functions  between  accelerations  recorded  at  the  floor  and  roof  levels  of 
the  model  and  the  ground  acceleration.  The  following  data  channel  locations 
were  used:  the  corner  of  walls  A  and  2  (Allx,  Ally,  A21x,  A21y),  the  corner  of 
walls  B  and  1  (Al5x,  Al5y,  A25x,  A25y),  and  the  center  of  the  diaphragm  (Al9x, 
Al9y,  A29x,  A29y).  Table  5-3  presents  the  natural  periods  of  the  undamaged 
building  calculated  by  the  transfer  functions  for  the  white-noise  and  sine- sweep 
tests.  As  can  be  seen  from  the  table,  the  two  tests  produced  very  similar  results. 


Table  5-3.  Results  from  white-noise  and  sine-sweep  tests  on  undamaged  building  (sec). 


White-Noise  Test 

Sine-Sweep  Test 

Direction 

Data  Channel 

Period 

Average 

Period 

Average 

X-Direction 

Allx 

0.08828 

0.08828 

0.08752 

0.08752 

A15x 

0.08828 

0.08752 

A19x 

0.08828 

0.08752 

A21x 

0.08828 

0.08752 

A25x 

0.08828 

0.08752 

A29x 

0.08828 

0.08752 

Y-Direction 

Ally 

0.11130 

0.11296 

0.11253 

0.11253 

A15y 

0.11506 

0.11253 

A19y 

0.11253 

0.11253 

A21y 

0.11130 

0.11253 

A25y 

0.11506 

0.11253 

A29y 

0.11253 

0.11253 

In  addition  to  the  white-noise  and  sine- sweep  tests,  sine-decay  tests  were  per¬ 
formed  prior  to  seismic  testing  to  determine  the  damping  of  the  undamaged 
structure.  The  damping  ratio  (percentage  of  critical  damping)  can  be  determined 
from  the  acceleration  response  recorded  at  a  building  location  when  the  struc¬ 
ture  is  under  free  vibration.  The  following  equation  was  used  to  determine  the 
damping  ratio,  £  from  an  acceleration  record  generated  by  a  sine-decay  test 
(Chopra  2001): 


c= 


2  $  ui+j 


Equation  5-1 
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where  w,  is  a  peak  acceleration  during  the  free  vibration  portion  of  the  test  and 
ui+j  is  the  peak  acceleration  j  vibration  cycles  after  i.  The  damping  ratio  was 

calculated  at  the  same  locations  used  to  calculate  the  natural  periods  for  the 
white-noise  and  sine-sweep  tests.  Table  5-4  presents  the  results  of  the  sine- 
decay  tests  conducted  on  the  undamaged  structure. 


Table  5-4.  Results  from  sine-decay  tests  on  undamaged  building. 


Direction 

Data  Channel 

Percent  Damping 

Average 

X-Direction 

Allx 

3.38% 

4.37% 

A15x 

3.41% 

A19x 

4.50% 

A21x 

5.53% 

A25x 

4.23% 

A29x 

5.18% 

Y-Direction 

Ally 

17.98% 

13.02% 

A15y 

6.51% 

A19y 

20.69% 

A21y 

15.62% 

A25y 

5.54% 

A29y 

11.80% 

Seismic  Test  Observations  at  Low-Level  Excitation 

The  low-level  tests  included  the  10%  and  20%  unidirectional  and  bidirectional 
Nahanni  earthquake  simulations.  During  these  tests,  the  structure  remained 
visibly  linear-elastic  until  the  last  test  of  the  sequence  (20%-XY),  which  initiated 
cracking  in  a  few  of  the  test  model’s  piers.  Table  5-2  lists  the  PGAs  recorded  for 
each  of  the  low-level  tests. 

During  the  10%  unidirectional  and  bidirectional  tests,  the  shaking  of  the  table 
was  only  slightly  visible.  When  the  intensity  of  the  unidirectional  earthquakes 
was  increased  to  the  20%  level,  indications  of  damage  could  be  heard  in  the  form 
of  loud  popping,  although  visible  damage  was  not  apparent.  The  20%-XY  earth¬ 
quake  initiated  cracking  on  piers  8,  9,  and  11  (see  Figure  4—1  for  pier  numbers). 
A  crack  formed  along  the  entire  base  of  pier  11  and  a  very  small  crack  formed 
along  the  edge  of  the  masonry  lintel  above  the  door  adjacent  to  pier  8.  The  most 
extensive  damage  appeared  on  pier  9,  which  developed  long  horizontal  cracks 
along  its  base  and  at  a  vertical  level  just  above  the  top  of  the  adjacent  door 
(Figure  5-16).  The  gray  horizontal  lines  directly  above  the  door  and  the  window 
shown  in  Figure  5-16  indicate  the  locations  of  the  WT  5x6  steel  lintels. 
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Figure  5-16.  Crack  locations  in  wall  1  after  20%-XY  seismic  test. 

Seismic  Test  Observations  at  High  Level  Excitation 

This  set  of  tests  included  the  last  four  seismic  tests  performed,  which  were  the 
30%-X,  30%-Y,  30%-XY,  and  40%-X  tests.  Table  5-2  lists  the  PGA  recorded  for 
each  of  the  high-level  tests  except  for  the  30%-Y  test,  which  was  not  recorded  due 
to  an  error  in  the  data  acquisition  system. 

The  first  test  of  this  group,  30%-X,  did  not  increase  the  visible  damage  of  the 
structure.  However,  the  30%-Y  test  caused  significant  damage  in  the  piers  of 
wall  2,  as  cracks  formed  along  the  top  and  bottom  of  piers  11  and  12,  allowing 
them  to  rock.  Piers  8  and  4,  adjacent  to  piers  11  and  12,  respectively,  also  rocked 
during  the  30%-Y  test  as  a  result  of  the  twisting  of  the  structure.  The  combina¬ 
tion  of  base  shears  resulting  from  the  horizontal  earthquake  components  became 
evident  during  the  30%-XY  test.  A  portion  of  all  of  the  piers  of  wall  A  cracked, 
while  none  of  the  uncracked  piers  in  wall  B  (piers  5,  6,  and  7)  demonstrated  any 
apparent  damage.  The  30%-XY  test  also  caused  piers  11  and  12  to  rock  and  sus¬ 
tain  lateral  displacements  of  approximately  0.25  in.  At  this  point  during  the  test 
sequence,  the  decision  was  made  not  to  test  in  the  y-direction  again  due  to  the 
extensive  damage  that  had  occurred  in  wall  2.  The  final  seismic  test  conducted 
was  the  40%-X  test,  which  initiated  rocking  in  all  of  the  piers  of  wall  A.  In  addi¬ 
tion,  permanent  offsets  of  approximately  0.0625  in.  were  noticed  at  the  tops  of 
piers  4  and  8  at  locations  where  horizontal  cracks  stepped  up  a  wythe.  This 
damage  signaled  a  shift  of  those  piers  away  from  the  remainder  of  the  test 
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model.  The  final  cracking  patterns  of  each  of  the  walls  in  the  test  model  are 
shown  in  Figure  5-18,  Figure  5-19,  Figure  5-20,  and  Figure  5-21. 

After  the  completed  seismic  testing,  the  diaphragms  were  examined  for  visible 
signs  of  damage,  such  as  withdrawal  of  nails,  deformation  of  the  sheathing  at 
nail  holes,  and  splitting  of  the  sheathing  or  joists.  There  were  no  signs  of  dam¬ 
age,  and  consequently,  it  is  believed  that  the  diaphragms  remained  linear-elastic 
throughout  testing. 


Figure  5-17.  Permanent  offset  at  the  top  of  pier  4  after  completed  seismic  testing. 


Figure  5-18.  Crack  locations  in  wall  A  after  completed  seismic  testing. 
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Figure  5-19.  Crack  locations  in  wall  B  after  completed  seismic  testing. 


Figure  5-20.  Crack  locations  in  wall  1  after  completed  seismic  testing. 
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Figure  5-21.  Crack  locations  in  wall  2  after  completed  seismic  testing. 

Natural  Frequencies  and  Damping  (Final  Damage  State) 

White-noise  tests  were  conducted  at  the  end  of  seismic  testing  to  determine  the 
change  in  the  natural  periods  of  the  test  model  from  the  undamaged  state  to  the 
damaged  state.  Sine-sweep  tests  were  not  performed  because  the  natural  peri¬ 
ods  calculated  by  the  two  test  methods  were  very  similar  for  the  undamaged 
model  (Table  5-3).  STEX  was  used  to  generate  transfer  functions  at  the  same 
locations  used  previously.  Table  5-5  presents  the  results  of  the  white-noise  tests 
for  the  x-direction  and  the  y-direction.  As  expected,  the  damage  withstood  by  the 
test  model  lengthened  the  fundamental  periods  considerably.  In  addition  to  the 
white-noise  tests,  sine-decay  tests  were  also  performed  at  the  end  of  damage- 
level  testing.  Table  5-6  presents  the  computed  damping  ratios  from  the  sine- 
decay  tests  and  indicates  that  damping  increased  after  damage  had  occurred. 
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Table  5-5.  Results  from  white-noise  test  on  damaged  building  (sec). 


Direction 

Data  Channel 

Period 

Average 

X-Direction 

Allx 

0.09660 

0.09691 

A15x 

0.09846 

A19x 

0.09660 

A21x 

0.09660 

A25x 

0.09660 

A29x 

0.09660 

Y-Direction 

Ally 

0.11907 

0.11907 

A15y 

0.11907 

A19y 

0.11907 

A21y 

0.11907 

A25y 

0.11907 

A29y 

0.11907 

Table  5-6.  Results  from  sine-decay  tests  on  damaged  building. 


Direction 

Data  Channel 

Percent  Damping 

Average 

X-Direction 

Allx 

5.47% 

6.91% 

A15x 

6.37% 

A19x 

6.43% 

A21x 

8.62% 

A25x 

5.81% 

A29x 

8.75% 

Y-Direction 

Ally 

27.77% 

23.73% 

A15y 

21.29% 

A19y 

14.19% 

A21y 

26.78% 

A25y 

24.66% 

A29y 

27.69% 
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6  Evaluation  of  Test  Model  Behavior 


The  following  aspects  of  the  measured  building  response  are  examined  in  terms 
of  the  overall  objectives  of  this  research: 

•  the  force/deformation  relationships  for  each  wall 

•  the  amplification  of  the  ground  acceleration  by  the  walls  and  the  dia¬ 
phragms 

•  the  effect,  if  any,  that  the  flange  portions  of  out-of-plane  walls  have  on  the 
strength  of  in-plane  walls 

•  the  vertical  distribution  of  lateral  forces 

•  the  combinational  effect  of  bidirectional  base  motions  on  the  test  model. 


Force/Deformation  Relationships  of  Walls 

The  force/deformation  responses  of  the  masonry  walls  were  determined  by  plot¬ 
ting  the  peak  base  shear  and  peak  lateral  displacement  of  the  first  floor  of  the 
wall  for  each  seismic  test  that  contained  an  in-plane  component  for  the  wall  un¬ 
der  consideration.  Points  were  generated  for  walls  A  and  B  from  the  x-direction 
and  simultaneous  xy- direction  earthquakes,  and  points  were  generated  for  walls 
1  and  2  from  the  y-direction  and  simultaneous  xy-direction  earthquakes.  The 
global  displacement  transducers  Dllx  and  D13x  measured  the  displacement  of 
walls  A  and  B,  respectively,  while  the  global  displacement  transducers  D17y  and 
Dlly  measured  the  displacement  of  walls  1  and  2,  respectively  (Figure  5-5). 
The  displacement  of  the  table  was  subtracted  from  the  measured  displacements 
in  order  to  determine  the  deformation  of  the  walls. 

The  applied  seismic  forces  were  calculated  by  multiplying  the  acceleration  time 
histories  recorded  during  testing  and  the  building  mass  tributary  to  each  accel¬ 
erometer.  The  test  model  was  divided  into  a  six-degrees-of-freedom  system,  with 
a  degree  of  freedom  associated  with  the  acceleration  of  each  in-plane  masonry 
wall  at  the  floor  level,  the  acceleration  of  the  floor  diaphragm,  the  acceleration  of 
each  in-plane  masonry  wall  at  the  roof  level,  and  the  acceleration  of  the  roof  dia¬ 
phragm  (Figure  6—1).  The  vertical  distribution  of  mass  was  determined  by  divid¬ 
ing  the  story  heights  by  2  and  assigning  the  mass  within  the  divisions  to  the  ad- 
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jacent  floor  level.  The  horizontal  distribution  of  mass  was  determined  by  assum¬ 
ing  that  the  mass  located  in  the  inner  50%  of  the  transverse  building  dimension 
was  tributary  to  the  diaphragm,  while  the  outer  25%  on  each  side  were  assumed 
to  be  tributary  to  the  in-plane  walls.  Based  on  the  vertical  and  horizontal  divi¬ 
sions,  the  mass  tributary  to  each  degree  of  freedom  was  calculated  for  ground 
motion  in  both  horizontal  plan  directions  (Table  6-1).  Force/time  histories  were 
generated  by  multiplying  the  tributary  weights  and  the  associated  acceleration 
time  history  (units  in  g).  To  determine  the  force  in  the  first  floor  of  a  given  wall, 
the  force/time  histories  of  the  first  and  second  floors  of  that  wall  are  added  along 
with  half  of  the  force/time  histories  for  the  floor  and  roof  diaphragms  (per  stan¬ 
dard  lateral  force  distribution  for  a  flexible  diaphragm).  The  directions  of  the 
seismic  forces  are  automatically  accounted  for  since  time  history  responses  were 
added,  as  opposed  to  peak  responses.  Figure  6-2  is  an  example  of  a  computed 
force  time  history  for  Wall  A. 


Figure  6-1.  Six-degree-of-freedom  model  used  to  compute  seismic  forces. 


Table  6-1 .  Mass  associated  with  test  model  degrees  of  freedom  for  ground  motion  in  the  x-direction  and  y-direction. 


For  Loads  in  the  X-Direction  (All  units  pounds  unless  otherwise  stated) 


At  Roof  Level 

Element 

Diaphragm  Lead 

Out-of-Plane  Wall  Lead 

In-Plane  Wall  Lead 

URM 

Diaphragm 

Total  (kips) 

Diaphragm 

1021.00 

1110.00 

0.00 

1423.33 

225.00 

3.78 

Wall  A 

989.50 

480.00 

1035.00 

2563.33 

112.50 

5.18 

Wall  B 

989.50 

480.00 

1035.00 

2506.67 

112.50 

5.12 

At  Floor  Level 

Element 

Diaphragm  Lead 

Out-of-Plane  Wall  Lead 

In-Plane  Wall  Lead 

URM 

Diaphragm 

Total  (kips) 

Diaphragm 

1021.00 

2910.00 

0.00 

2409.14 

225.00 

6.57 

Wall  A 

989.50 

1290.00 

2745.00 

4910.50 

112.50 

10.05 

Wall  B 

989.50 

1290.00 

2745.00 

4837.58 

112.50 

9.97 

For  Loads  in  the  Y-Direction  (All  units  pounds  unless  otherwise  stated) 


At  Roof  Level 

Element 

Diaphragm  Lead 

Out-of-Plane  Wall  Lead 

In-Plane  Wall  Lead 

URM 

Diaphragm 

Total  (kips) 

Diaphragm 

1020.00 

1110.00 

0.00 

1857.33 

225.00 

4.21 

Wall  1 

990.00 

480.00 

1035.00 

2355.78 

112.50 

4.97 

Wall  2 

990.00 

480.00 

1035.00 

2280.22 

112.50 

4.90 

At  Floor  Level 

Element 

Diaphragm  Lead 

Out-of-Plane  Wall  Lead 

In-Plane  Wall  Lead 

URM 

Diaphragm 

Total  (kips) 

Diaphragm 

1020.00 

2910.00 

0.00 

3619.33 

225.00 

7.77 

Wall  1 

990.00 

1290.00 

2745.00 

4465.61 

112.50 

9.60 

Wall  2 

990.00 

1290.00 

2745.00 

4072.28 

112.50 

9.21 
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Time  (sec) 

Figure  6-2.  Applied  base  shear  on  wall  A  during  20%-X  test. 

Using  the  generated  force/time  histories,  the  peak  force  and  peak  first-floor  dis¬ 
placement  of  each  wall  was  plotted  for  seismic  tests  containing  an  in-plane  com¬ 
ponent  for  the  wall  under  consideration.  The  combination  of  the  points  creates  a 
backbone  curve  for  the  behavior  of  the  wall.  Figure  6-3  through  Figure  6-6  are 
graphs  of  the  force/deformation  response  of  each  wall.  The  experimental  data 
points  are  plotted  discretely,  while  a  bilinear  best-fit  curve  is  also  plotted  for 
visualization  purposes.  The  bilinear  curve  was  created  by  combining  two  best  fit 
lines:  one  associated  with  data  points  corresponding  to  the  linear-elastic  re¬ 
sponse  and  one  associated  with  data  points  corresponding  to  the  plastic  re¬ 
sponse. 


Deflection  of  First  Floor  Piers  (in) 


Figure  6-3.  Plot  of  experimental  force/deformation  response  of  wall  A. 


Base  Shear  (kip)  Base  Shear  (kip)  Base  Shear  (kip) 
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Deflection  of  First  Floor  Piers  (in) 


Figure  6-4.  Plot  of  experimental  force/deformation  response  of  wall  B. 


Deflection  of  First  Floor  Piers  (in) 


Figure  6-5.  Plot  of  experimental  force/deformation  response  of  wall  1. 


Deflection  of  First  Floor  Piers  (in) 


Figure  6-6.  Plot  of  experimental  force/deformation  response  of  wall  2. 
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Figure  6-3  and  Figure  6-6  show  that  both  wall  A  and  wall  2  demonstrated  sta¬ 
ble  rocking  behaviors,  with  ductilities  of  5.0  and  3.5,  respectively.  Here,  ductility 
is  defined  as  the  maximum  displacement  value  divided  by  the  yield  displacement 
value.  Walls  B  and  1,  by  comparison,  sustained  maximum  displacements  of  ap¬ 
proximately  twice  their  yield  displacements,  indicating  that  they  had  experi¬ 
enced  cracking  (although  a  visible  failure  mechanism  was  not  evident). 

There  is  no  indication  from  the  force/deformation  curves  of  wall  A  and  wall  2 
that  the  maximum  wall  displacements  measured  during  testing  are  near  the 
displacements  that  would  cause  collapse.  Recall  that  testing  was  stopped  not 
due  to  the  model’s  loss  of  stability  but  to  prevent  damage  from  propagating  to  an 
extent  that  would  prohibit  retrofit  and  further  testing.  Costley  and  Abrams 
(1996)  recorded  ductilities  ranging  from  6.0  to  10.0  for  a  structure  similar  to  the 
test  model  used  in  this  study. 

An  important  observation  of  Figure  6-5  and  Figure  6-6  is  that  walls  1  and  2  ex¬ 
hibited  strengths  that  were  significantly  larger  than  their  predicted  strengths 
(Figure  4-6  and  Figure  4-7).  The  explanation  of  the  unexpected  strength  of  wall 
1  lies  in  the  incorrect  assumption  that  pier  9  would  behave  as  a  cantilevered 
pier.  Based  on  the  final  crack  pattern  of  wall  1,  shown  in  Figure  5-20,  pier  9  be¬ 
haved  as  a  fixed-fixed  pier  with  a  height  of  56  in.  Using  these  dimensions  and 
boundary  conditions,  pier  9  has  a  capacity  of  12.7  kips,  increasing  the  strength  of 
wall  1  to  13.5  kips.  This  value  correlates  fairly  well  with  Figure  6-5  considering 
that  wall  1  had  not  visibly  failed  and  may  have  retained  additional  strength. 
With  regard  to  wall  2,  the  failure  mode  was  correctly  predicted,  as  well  as  the 
assumed  pier  height.  Therefore,  the  additional  strength  must  be  due  to  factors 
outside  of  those  normally  considered.  Possible  explanations  may  include  the 
beneficial  effects  of  compressive  overturning  moment  and  the  participation  of  the 
out-of-plane  walls’  flanges.  The  viability  of  these  explanations  is  examined  later 
in  this  chapter. 

In  addition  to  Figure  6-3  through  Figure  6-6,  force/deformation  plots  were  also 
generated  using  displacements  obtained  from  double  integrating  accelerometer 
time  histories  recorded  during  testing.  There  were  several  justifications  for  cre¬ 
ating  the  additional  curves.  First  and  foremost,  a  comparison  of  the  measured 
and  integrated  displacements  allowed  for  a  verification  of  the  recorded  test  data. 
Second,  the  resolution  of  the  experimental  acceleration  records  was  considerably 
better  than  that  of  the  displacements  since  the  building  displacements  were  so 
small  (especially  in  the  linear-elastic  region);  therefore,  it  was  thought  that  use 
of  integrated  displacements  might  reduce  the  data  point  scatter.  Finally,  there 
was  concern  that  the  vibration  of  the  steel  wire  connecting  the  global  displace- 
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ment  transducers  to  the  test  model  (see  Chapter  5)  contributed  additional  dis¬ 
placement  to  the  building  displacement. 

Figure  6-7  through  Figure  6-10  present  the  force/deformation  curves  created 
with  the  integrated  displacements  for  each  wall  in  the  test  model.  For  compari¬ 
son  purposes,  the  bilinear  best-fit  curve  for  the  measured  displacements  is 
shown  as  a  dashed  line  in  the  figures.  The  plots  clearly  indicate  reduced  data 
point  scatter  and  increased  stiffness  (decreased  displacement),  as  was  expected. 
The  only  exception  to  this  statement  is  Figure  6—10,  which  is  not  surprising 
since  the  displacements  recorded  on  wall  2  were  considerably  larger  than  on  the 
other  walls  and  therefore  less  susceptible  to  the  introduced  errors. 


Deflection  of  First  Floor  Piers  (in) 


♦  Integ.  Points  •  Integ.  Best  Fit - Measured  Best  Fit 


Figure  6-7.  Plot  of  experimental  force/deformation  response  of  wall  A  (integrated  displacement). 


Deflection  of  First  Floor  Piers  (in) 


♦  Integ.  Points  ■  Integ.  Best  Fit - Measured  Best  Fit 


Figure  6-8.  Plot  of  experimental  force/deformation  response  of  wall  B  (integrated 

displacement). 
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Deflection  of  First  Floor  Piers  (in) 


Integ.  Points 


•  Integ.  Best  Fit 


Measured  Best  Fit 


Figure  6-9.  Plot  of  experimental  force/deformation  response  of  wall  1  (integrated  displacement). 


Deflection  of  First  Floor  Piers  (in) 


♦  Integ.  Fbints  Integ.  Best  Fit - Measured  Best  Fit 


Figure  6-10.  Plot  of  experimental  force/deformation  response  of  wall  2  (integrated 

displacement). 


Acceleration  Amplifications 

The  in-plane  walls  of  a  structure  act  as  initial  modifiers  of  the  earthquake 
ground  motion  as  it  propagates  through  the  building.  When  the  accelerations 
reach  the  floor  levels,  they  excite  the  diaphragms,  which  act  as  secondary  modi¬ 
fiers  of  the  ground  motion.  Previous  research  has  shown  that  for  URM  systems 
with  flexible  diaphragms,  the  diaphragm  amplification  of  the  input  accelerations 
is  usually  200%  -  400%,  depending  on  the  intensity  of  the  ground  motion  (Kari- 
otis  1995). 
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The  test  model’s  wall  and  diaphragm  amplification  factors  for  unidirectional  x- 
direction  motion  are  plotted  in  Figure  6-11  through  Figure  6-14.  Figure  6-11 
presents  the  wall  A  and  wall  B  amplification  at  the  floor  and  roof  levels  versus 
the  PGA,  calculated  as  the  peak  acceleration  measured  at  the  specified  building 
location  divided  by  the  PGA.  The  data  point  sets  at  PGA  =  0.368  g  and  PGA  = 
0.558  g  demonstrate  twisting  of  the  structure,  leading  to  an  increased  response 
of  wall  A  and  a  decreased  response  of  wall  B.  This  behavior  is  surprising  given 
the  symmetry  of  walls  A  and  B  and  the  fact  that  the  ground  motion  was  intended 
to  be  unidirectional.  However,  as  noted  in  Chapter  5,  the  interaction  of  the 
shake  table  actuators  results  in  ground  motion  components  in  all  six  degrees  of 
freedom.  The  recorded  test  data  indicated  that  the  y-direction  and  yaw  rotation 
(i.e.,  rotation  about  the  vertical  axis)  components  have  peak  accelerations  that 
are  concurrent  with  the  peak  acceleration  in  the  x-direction,  and  are  directed 
such  that  they  would  increase  the  acceleration  of  wall  A  and  decrease  the  accel¬ 
eration  of  wall  B.  It  is  believed  that  this  response  caused  the  twisting  shown  in 
Figure  6—11,  and  that  the  building’s  behavior  was  not  due  to  a  torsional  response 
incited  by  the  frequency  content  of  the  x-direction  ground  motion.  In  general, 
the  average  wall  amplification  is  close  to  1.0,  with  slightly  larger  amplifications 
at  the  roof  level  than  at  the  floor  level  (Figure  6-12). 


■4—  Wall  A,  Floor  -m—  Wall  A,  Roof  Wall  B,  Floor  — Wall  B,  Roof 


Figure  6-11.  Wall  A  and  wall  B  amplification  of  ground  acceleration  in  the  x-direction. 
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Floor  — ■ — ■  Roof 


Figure  6-12.  Average  wall  amplification  of  ground  acceleration  in  the  x-direction. 


Figure  6-13  and  Figure  6-14  present  the  diaphragm  amplification  of  the  average 
wall  acceleration  and  the  ground  acceleration,  respectively,  at  the  floor  and  roof 
levels.  The  diaphragm  amplification  of  the  average  wall  acceleration  was  com¬ 
puted  by  dividing  the  peak  diaphragm  acceleration  by  the  average  of  the  peak  in¬ 
plane  wall  accelerations  (in  this  case,  walls  A  and  B).  The  diaphragm  amplifica¬ 
tion  of  the  ground  acceleration  was  determined  in  the  same  manner  as  Figure  6— 
11.  The  calculated  amplification  factors  are  consistent  with  the  low  end  of  the 
expected  response  for  flexible  diaphragms.  Furthermore,  the  figures  indicate  a 
reduction  in  amplification  during  rocking  of  the  wall  A  piers  (PGA  of  0.772  g). 


-♦ —  Floor  — ■ —  Roof 


Figure  6-13.  Floor  and  roof  diaphragm  amplification  of 
average  wall  acceleration  in  the  x-direction. 
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-♦ —  Floor  — ■ —  Roof 


Figure  6-14.  Floor  and  roof  diaphragm  amplification  of  ground  acceleration  in  the  x-direction. 

Figure  6-15  through  Figure  6-18  plot  the  wall  and  diaphragm  amplification  fac¬ 
tors  for  ground  motion  in  the  y-direction.  The  first  two  data  point  sets  were  gen¬ 
erated  from  the  10%-Y  and  20%-Y  tests,  while  the  last  data  point  set  was  created 
using  the  30%-XY  test  (since  there  was  a  recording  error  during  the  30%-Y  test). 
The  wall  amplifications  for  y-direction  tests  were  considerable  at  low-level  exci¬ 
tation  (Figure  6-15).  In  particular,  the  peak  roof  acceleration  on  wall  2  was  close 
to  2  times  greater  than  the  peak  ground  acceleration.  As  expected,  the  wall  1 
amplifications,  while  notable,  were  significantly  smaller  than  the  wall  2  amplifi¬ 
cations.  As  the  ground  motion  intensity  was  increased,  the  wall  amplifications 
decreased  greatly  and  converged  to  a  value  of  approximately  1.0  at  a  PGA  of 
0.605  g. 


Figure  6-15.  Wall  1  and  wall  2  amplification  of  ground  acceleration  in  the  y-direction. 
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The  diaphragm  amplifications  of  the  average  wall  acceleration  and  the  ground 
acceleration  for  excitation  in  the  y-direction  (Figure  6-17  and  Figure  6-18)  pro¬ 
duced  an  unexpected  result:  the  roof  amplification  was  much  larger  than  the 
floor  amplification.  Based  on  the  deflected  shape  of  the  diaphragms  (Figure  6— 
16),  it  is  clear  that  the  floor  deformed  primarily  through  shear  while  the  roof  de¬ 
formed  through  shear  and  bending.  This  fact  is  not  surprising  since  at  the  first- 
floor  level,  the  lateral  stiffness  of  wall  2  is  only  40%  of  the  stiffness  of  wall  1 
(based  on  experimental  results),  while  at  the  second-floor  level,  the  lateral  stiff¬ 
ness  values  of  the  walls  are  most  likely  very  similar.  In  other  words,  at  the  first- 
floor  level,  wall  2  does  not  provide  the  rigidity  needed  to  develop  bending  (and 
amplified  accelerations)  in  the  diaphragm,  and  consequently  the  deformed  shape 
is  rhomboidal.  The  deflections  at  the  first-floor  level  are  transmitted  to  the  roof 
through  the  continuity  of  the  walls,  but  due  to  the  increase  in  stiffness  of  the 
second  story  relative  to  the  first  story,  acceleration  amplification  and  bending  do 
occur  in  the  roof  diaphragm. 


Figure  6-16.  Deflected  shape  of  diaphragms  during  20%-Y  test  (with  quadratic  best  fit). 
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Figure  6-17.  Floor  and  roof  diaphragm  amplification  of  average  wall  acceleration  in  the  y- 

direction. 


Peak  Ground  Acceleration  (g) 


■  Floor 


Roof 


Figure  6-18.  Floor  and  roof  diaphragm  amplification  of  ground  acceleration  in  the  y-direction. 
Behavior  of  Flanges  in  Out-of-Plane  Walls 

Currently,  the  effects  of  out-of-plane  wall  flanges  are  not  included  in  calculating 
the  strength  of  an  in-plane  wall.  This  principle  is  based  on  studies  comparing 
the  response  of  continuous  and  discontinuous  perpendicular  walls,  which  indi¬ 
cate  that  flanges  have  a  negligible  effect  on  in-plane  wall  capacities  (Paquette 
and  Bruneau  2003).  The  first  section  of  this  chapter,  “Force/Deformation  Rela¬ 
tionships  of  Walls,”  raised  the  issue  that  walls  1  and  2  displayed  capacities  con¬ 
siderably  greater  than  those  predicted  by  standard  methods.  It  had  been  incor¬ 
rectly  assumed  that  pier  9  would  behave  as  a  cantilevered  pier,  which  resulted  in 
a  predicted  strength  for  wall  1  that  was  only  25%  of  what  it  should  have  been. 
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However,  similar  errors  were  not  made  in  the  assumptions  for  computing  the 
strength  of  wall  2,  so  two  possible  alternative  explanations  were  offered:  in¬ 
creased  strength  due  to  compressive  overturning  moment  and/or  increased 
strength  due  to  flange  effects. 

The  behavior  of  piers  11  and  12  is  different  from  the  behavior  of  the  other  outer 
piers  in  the  test  model  in  the  sense  that  they  actually  form  an  isolated  L-shaped 
pier  with  their  adjacent  out-of-plane  wall  piers  (piers  8  and  4,  respectively). 
During  testing,  a  horizontal  crack  formed  at  the  tops  of  the  combined  pier  cross- 
sections,  forcing  the  corner  piers  to  rock  together  (Figure  6-19).  That  response  is 
unlike  the  case  where  a  perforated  shear  wall  is  connected  to  a  plane  masonry 
wall,  a  setup  that  was  used  in  many  studies  that  examined  flange  behavior. 


Figure  6-19.  Crack  pattern  on  pier  12  and  pier  4  indicating  structural  continuity. 

To  attempt  to  quantify  the  flange  effects  contributing  to  the  strength  of  wall  2, 
the  rocking  capacities  of  piers  11  and  12  were  calculated  to  include  the  vertical 
force  due  to  overturning.  Since  an  accurate  estimate  of  the  vertical  forces  ap¬ 
plied  to  piers  11  and  12  cannot  be  readily  determined  based  on  the  recorded  test 
data,  SAP  2000  was  used  to  predict  the  vertical  forces  applied  to  the  piers  during 
the  30%-XY  earthquake.  This  ground  motion  was  selected  because  wall  2  exhib¬ 
ited  its  greatest  strength  (11.2  kips)  during  the  test.  The  strengths  of  pier  11 
and  pier  12  were  calculated  separately  on  a  time  history  basis,  according  to  the 
FEMA  356  rocking  equation  (both  piers  rocked  during  the  30%-XY  test): 
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Vr  =  0.9  aPE 


( 


vV  j 


Equation  6-1 


where  Pe  is  the  vertical  force  computed  by  SAP  2000.  If  Pe  was  less  than  zero 
(tensile),  Vr  was  taken  to  be  zero.  The  calculated  rocking  strengths  were  then 
summed  to  determine  the  total  strength  of  wall  2.  The  strength  of  wall  2  during 
the  30%-XY  test,  including  the  effect  of  overturning  moment,  is  shown  in  Figure 
6-20. 


Figure  6-20.  Variation  in  strength  of  wall  2  including 
overturning  moment  for  30%-XY  earthquake. 


The  maximum  strength  of  wall  2  displayed  in  Figure  6-20  is  7.6  kips,  compared 
with  the  11.2  kips  of  lateral  load  resisted  during  the  test.  Thus,  there  is  a  50% 
increase  in  the  capacity  of  wall  2  that  is  unaccounted  for  when  considering  only 
the  behavior  of  the  in-plane  piers.  Furthermore,  the  actual  strength  of  wall  2  is 
340%  greater  than  the  strength  calculated  by  the  rocking  equation  considering 
only  gravity  loads  (3.3  kips).  Based  on  these  results,  it  seems  that  piers  4  and  8 
must  contribute  to  the  lateral  resistance  of  piers  11  and  12. 

The  other  walls  in  the  test  structure  did  not  demonstrate  the  great  disparity  be¬ 
tween  expected  and  actual  strengths  that  wall  2  did.  Table  6-2  compares  the  ex¬ 
pected  wall  strengths  (based  on  gravity  loads  and  gravity  loads  plus  overturning 
loads)  with  the  peak  force  resisted  by  each  wall.  Based  on  the  final  crack  pat¬ 
terns  of  walls  B  and  1  (Figure  5-19  and  Figure  5-20),  it  seems  that  they  did  not 
reach  their  ultimate  capacities;  therefore,  comparison  between  expected  and  ac¬ 
tual  strengths  is  difficult  for  these  walls.  The  strength  of  wall  A,  which  visibly 
rocked  during  testing,  was  accurately  predicted  to  within  10%  when  overturning 
forces  were  included  in  the  analysis.  In  general,  the  expected  strengths  for  wall 
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A,  wall  B,  and  wall  1  seem  to  be  in  reasonable  agreement  with  their  experimen¬ 
tal  response;  however,  that  is  clearly  not  the  case  for  wall  2.  The  behavior  of 
corner  piers  with  configurations  similar  to  those  of  wall  2  need  to  be  examined  in 
additional  detail  to  determine  more  accurately  the  effect  that  flanged  piers  have 
on  rocking  capacity. 


Table  6-2.  Comparison  of  expected  strengths  and  peak  forces  resisted  for  walls  of  test  model. 


Wall 

Peak  Force  (kip) 

Expected  (kip) 

Expected  Plus  Overturn,  (kip) 

Wall  A 

13.33 

9.26 

14.69 

Wall  B 

10.5 

9.26 

13.25 

Wall  1 

9.5 

13.5 

16.38 

Wall  2 

11.25 

3.3 

7.64 

It  must  be  emphasized  that  the  expected  strengths  of  the  test  model’s  walls,  in¬ 
cluding  the  effects  of  overturning,  are  upper  bounds  in  the  sense  that  these  ca¬ 
pacities  were  calculated  at  points  of  maximum  compressive  load.  As  Figure  6-20 
shows,  the  strength  of  the  wall  will  be  less  than  that  value  at  all  other  points 
during  the  earthquake  and  will  oscillate  about  the  expected  strength  of  the  wall 
as  calculated  based  on  gravity  loads.  The  inclusion  of  overturning  effects  in  this 
section  was  primarily  to  demonstrate  that  there  was  no  explanation  for  the  high 
strength  of  wall  2  other  than  the  participation  of  piers  4  and  8. 


Vertical  Distribution  of  Lateral  Forces 

In  order  to  design  a  structure  for  a  specific  base  shear,  the  vertical  distribution  of 
lateral  force  must  be  determined.  The  standard  method  used  by  structural  engi¬ 
neers  considers  the  vertical  distribution  of  mass  in  the  structure  and  the  height 
of  the  masses  above  the  foundation.  For  the  case  where  the  floor  masses  are 
equal,  the  distribution  of  lateral  forces  is  an  inverted  triangle  shape.  This  proce¬ 
dure  assumes  that  as  the  distance  between  the  foundation  and  a  mass  increases, 
the  greater  the  mass’s  acceleration  (and  the  associated  inertial  force)  will  be.  No 
consideration  is  given  to  the  flexibility  of  the  diaphragm.  FEMA  368  states  that 
the  portion  of  the  total  base  shear  applied  to  level  x,  Cv%,  can  be  determined  using 
the  following  equation: 


i= 1 


Equation  6-2 


where  Wi  and  wx  are  the  portion  of  gravity  load  assigned  to  level  i  and  x,  hi  and  hx 
are  the  height  from  the  base  to  level  i  and  x,  and  k  is  equal  to  1.0  for  structures 
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having  a  period  of  0.5  seconds  or  less.  Using  this  equation  for  the  test  model,  the 
lateral  force  applied  to  the  floor  and  roof  levels  would  be  equal. 

Table  6-3  and  Table  6-4  present  the  measured  ratio  of  second-floor-level  forces 
(F)  to  roof-level  forces  (R)  for  ground  motion  in  the  x-direction  and  y-direction, 
respectively.  More  specifically,  the  table  looks  at  the  ratio  of  inertial  forces  at 
the  floor  and  roof  level  resulting  from  wall  mass,  diaphragm  mass,  and  total 
mass.  Inertial  forces  were  computed  by  multiplying  tributary  masses  by  their 
accelerations  in  accordance  with  Table  6-1.  At  each  level,  the  two  in-plane  wall 
forces  were  summed  to  determine  the  total  wall  force,  and  the  total  wall  force 
and  diaphragm  force  were  summed  to  determine  the  total  force  at  a  given  level. 


Table  6-3.  Ratio  of  lateral  floor  forces  to  lateral  roof  forces  in  the  x-direction  (kips). 


Test 

Wall,  F 

Diaph,  F 

Wall,  R 

Diaph,  R 

Diaph  F/R 

Wall  F/R 

Total  F/R 

lOx 

2.37 

1.86 

1.51 

1.19 

1.55 

1.58 

1.57 

BiihWm 

2.61 

1.81 

1.72 

1.16 

1.56 

1.52 

1.54 

20x 

5.97 

4.22 

3.54 

2.86 

1.48 

1.69 

1.59 

PldiW 

8.28 

5.16 

4.63 

2.80 

1.84 

1.79 

1.81 

30x 

10.35 

8.07 

6.43 

4.94 

1.63 

1.61 

1.62 

8.47 

6.45 

5.30 

4.28 

1.51 

1.60 

1.56 

40x 

11.88 

7.40 

7.50 

4.45 

1.66 

1.58 

1.61 

Average 

1.60 

1.62 

1.61 

Table  6-4.  Ratio  of  lateral  floor  forces  to  lateral  roof  forces  in  the  y-direction  (kips). 


Test 

Wall,  F 

Diaph,  F 

Wall,  R 

Diaph,  R 

Diaph  F/R 

Wall  F/R 

Total  F/R 

lOy 

3.35 

1.75 

2.07 

1.57 

1.11 

1.62 

1.40 

SHESHI 

3.59 

1.77 

2.22 

1.64 

1.08 

1.62 

1.39 

HU 

5.92 

3.09 

3.78 

3.04 

1.02 

1.57 

1.32 

5.76 

3.16 

3.46 

2.82 

1.12 

1.67 

1.42 

jiSQSSI 

7.56 

4.59 

4.27 

3.26 

1.41 

1.77 

1.61 

Average 

1.15 

1.65 

1.43 

The  results  shown  in  Table  6-3  and  Table  6-4  demonstrate  that  the  test  model 
does  not  follow  the  traditional  lateral  force  distribution  used  for  design,  which 
would  result  in  a  floor/roof  force  ratio  equal  to  1.0.  In  the  x-direction,  the  behav¬ 
ior  of  the  test  model  is  consistent  with  the  response  of  a  stiff  shear  wall  and 
flexible  diaphragm  system.  The  amplification  of  ground  motion  is  small  through 
the  height  of  the  in-plane  walls,  and  consequently,  the  response  of  the  dia¬ 
phragms  does  not  depend  on  their  distance  from  the  foundation.  Assuming  that 
the  diaphragms  at  each  level  are  essentially  identical,  they  will  demonstrate 
similar  amplification  of  the  ground  motion  (Figure  6-14).  Thus,  the  distribution 
of  lateral  forces  will  be  similar  to  the  relative  amounts  of  mass  at  the  floor  levels 
(Abrams  1995).  For  the  test  model,  the  floor/roof  mass  ratio  is  1.89,  which  is 
considerably  closer  to  the  actual  ratio  of  forces  (1.62)  than  that  predicted  by 
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FEMA  368.  Figure  6-21  plots  the  lateral  forces  at  the  floor  and  roof  level  for 
tests  that  contain  a  ground  motion  component  in  the  x-direction. 

The  behavior  of  the  test  model  for  ground  motion  in  the  y-direction  does  not  rep¬ 
resent  the  response  of  a  stiff  shear  wall  and  flexible  diaphragm  system.  Based 
on  the  deformation  modes  of  the  diaphragms  (Figure  6-16),  the  test  model  would 
more  appropriately  be  described  as  an  intermediate  or  semi-rigid  system,  where 
the  displacement  of  the  walls  is  comparable  to  the  displacement  of  the  dia¬ 
phragm.  As  a  result,  the  vertical  distribution  of  lateral  forces  is  not  accurately 
described  by  either  the  FEMA  368  code  equation  or  the  ratio  of  floor  masses. 
Figure  6-22  plots  the  lateral  forces  at  the  second  floor  and  roof  level  for  tests 
that  contain  a  ground  motion  component  in  the  y-direction. 


Figure  6-22.  Vertical  distribution  of  lateral  forces  in  the  y-direction. 
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Combinational  Effect  of  Bidirectional  Excitation  on  Test  Model 


The  Nahanni  earthquake  was  selected  as  the  test  motion  primarily  because  pre¬ 
liminary  analysis  indicated  that  peak  base  shears  resulting  from  the  horizontal 
components  occurred  at  the  same  time,  resulting  in  an  essentially  100%- 100% 
combination  during  bidirectional  excitation.  Recall  that  the  direction  of  the 
combination  was  positive  in  the  x-direction  and  positive  in  the  y-direction.  Fur¬ 
thermore,  the  analysis  predicted  that  twisting  of  the  structure  caused  by  ground 
motion  in  the  y-direction  resulted  in  base  shears  that  added  directly  with  the  in¬ 
plane  base  shears  on  wall  A  (Figure  4-17  and  Figure  4-20).  Due  to  limitations 
of  linear-elastic  modeling  and  the  fact  that  the  ground  motion  simulation  would 
be  modified  to  account  for  shake  table  connectivity,  there  was  some  concern  as  to 
whether  or  not  the  measured  building  response  would  exhibit  the  combinations 
predicted  by  the  preliminary  analysis.  However,  the  behavior  of  the  test  model 
during  the  30%-XY  earthquake  seemed  to  indicate  that  the  combinations  did  oc¬ 
cur:  all  of  the  piers  on  wall  A  cracked  and  none  of  the  uncracked  piers  on  wall  B 
displayed  any  damage.  (Pier  8  cracked  during  the  30%-Y  test.) 

To  demonstrate  the  severity  of  the  base  shear  combinations,  Table  6-5  and  Table 
6-6  present  the  maximum,  minimum,  and  peak  base  shears  on  walls  A  and  B  for 
the  10%  and  20%  earthquake  tests,  respectively.  In  addition  to  the  measured 
base  shears,  the  base  shears  calculated  by  adding  the  time  history  responses 
from  the  unidirectional  tests  are  also  included  in  the  tables.  Walls  1  and  2  are 
not  included  because  twisting  of  the  structure  is  resisted  almost  entirely  by  walls 
A  and  B  (Figure  4-20),  so  combinational  effects  are  of  little  concern. 


Table  6-5.  Base  shear  on  wall  A  and  wall  B  for  10%  earthquakes  (kips). 


10%  X 

10%  Y 

10%  XY 

10%X+  10%  Y 

Wall  A 

Wall  B 

Wall  A 

Wall  B 

Wall  A 

Wall  B 

Wall  A 

Wall  B 

Max 

2.0359 

2.6113 

1.2192 

0.8356 

2.2824 

2.9646 

2.0968 

3.0415 

Min 

-2.6330 

-3.0924 

-1.3967 

-1.0882 

-4.4374 

-3.3688 

-3.4762 

-3.2675 

Peak 

2.6330 

3.0924 

1.3967 

1.0882 

4.4374 

3.3688 

3.4762 

3.2675 

Table  6-6.  Base  shear  on  wall  A  and  wall  B  for  20%  earthquakes  (kips). 


20%  X 

20%  Y 

20%  XY 

20%  X  +  20%  Y 

Wall  A 

Wall  B 

Wall  A 

Wall  B 

Wall  A 

Wall  B 

Wall  A 

Wall  B 

Max 

4.9102 

4.7174 

3.3768 

2.3557 

6.1504 

6.1756 

5.0760 

6.1039 

Min 

-6.6413 

-6.1632 

-3.6072 

-2.5877 

-11.3236 

-5.5068 

-10.0278 

-6.4945 

Peak 

6.6413 

6.1632 

3.6072 

2.5877 

11.3236 

6.1756 

10.0278 

6.4945 

Table  6-5  and  Table  6-6  confirm  the  visual  response  of  the  test  model  and  show 
that  the  peak  base  shears  on  wall  A  due  to  unidirectional  ground  motion  directly 
combined  to  produce  a  greatly  increased  response  under  bidirectional  excitation. 
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In  fact,  the  simultaneous  xy-direction  earthquakes  produced  base  shears  that 
were  slightly  larger  than  the  superposed  unidirectional  base  shears.  The  impli¬ 
cations  of  these  combinations  on  seismic  provisions  for  design  are  discussed  in 
Chapter  7.  As  would  be  expected,  wall  B  did  not  show  an  increased  response 
during  the  bidirectional  tests,  and  experienced  peak  base  shears  that  were  is  es¬ 
sentially  equal  to  those  recorded  during  the  x-direction-only  tests. 

Only  the  10%  and  20%  earthquakes  were  examined  for  combinations  of  base 
shear  because  the  test  model  was  basically  still  linear-elastic  at  that  point.  Once 
the  structural  response  becomes  nonlinear  and  the  piers  reach  their  capacity,  the 
combinations  are  disguised  by  the  fact  that  the  maximum  applied  load  cannot 
surpass  the  lateral  strength.  Such  was  the  case  during  the  30%  tests,  as  a  peak 
base  shear  of  11.41  kips  was  recorded  on  wall  A  during  the  30%-X  test,  while  a 
peak  base  shear  of  12.24  kips  was  recorded  during  the  30%-XY  case  (a  force 
which  caused  cracking  in  all  piers).  Thus,  the  load  due  to  twisting  initiated 
damage,  but  consequently  did  not  demonstrate  the  real  severity  of  the  combina¬ 
tion.  As  an  illustration  of  these  principles,  Figure  6—23  plots  the  base  shear  on 
wall  A  during  the  20%  tests  to  show  visually  the  nature  of  the  additive  response 
and  Figure  6—24  confirms  the  linear  behavior  of  wall  A  by  superposition. 


Figure  6-23.  Base  shear  on  wall  A  due  to  20%  unidirectional  and  bidirectional  earthquakes. 
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Figure  6-24.  Base  shear  on  wall  A  for  the  superposition  of  the  20%  unidirectional  earthquakes 

and  for  the  20%  bidirectional  earthquake. 
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7  Implications  of  Research  on  Seismic 
Provisions 


Based  on  the  results  of  the  seismic  tests,  implications  of  this  research  on  the 
seismic  provisions  contained  in  FEMA  356  are  discussed.  In  particular,  the  fol¬ 
lowing  topics  are  addressed: 

•  force/deformation  prescriptions  for  in-plane  URM  wall  behavior 

•  vertical  distribution  of  lateral  forces  for  static  analysis  procedures 

•  strength  contribution  to  in-plane  walls  from  out-of-plane  wall  flanges 

•  combination  of  seismic  forces  for  multi-component  excitation. 


Force/Deformation  Prescriptions 

In  Chapter  4,  the  predicted  force/deformation  curves  for  the  test  model’s  walls 
were  determined  based  on  FEMA  356  prescriptions  (Figure  4-5  through  Figure 
4-7).  Figure  7-1  through  Figure  7-5  compare  the  predicted  responses  of  the 
walls  with  the  force/deformation  backbone  curves  measured  during  the  seismic 
tests.  Based  on  the  previous  discussion  of  integrated  wall  displacements  versus 
measured  wall  displacements,  the  former  approach  was  for  use  in  the  figures.  In 
addition,  two  figures  are  presented  for  wall  1  to  account  for  the  incorrect  as¬ 
sumption  that  pier  9  would  behave  as  a  cantilevered  pier.  Figure  7-3  compares 
the  measured  wall  1  behavior  with  the  original  prediction  and  Figure  7-4  com¬ 
pares  the  measured  wall  1  behavior  with  a  recalculated  FEMA  356  curve  based 
on  the  actual  response  of  pier  9. 
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Figure  7-1.  Comparison  of  force/deformation  responses  measured  during  seismic  tests  with 

those  predicted  by  FEMA  356  for  Wall  A. 


Figure  7-2.  Comparison  of  force/deformation  responses  measured  during  seismic  tests  with 

those  predicted  by  FEMA  356  for  Wall  B. 
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Figure  7-3.  Comparison  of  force/deformation  responses  measured  during  seismic  tests  with 

those  predicted  by  FEMA  356  for  Wall  1 . 
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Figure  7-4.  Comparison  of  force/deformation  responses  measured  during  seismic  tests  with 
those  predicted  by  FEMA356  for  Wall  1  (based  on  actual  crack  pattern). 


Deflection  of  First  Floor  Piers  (in) 


♦  Exp  Data  Points_ Exp  Best  Fit  FEMA  356 

Figure  7-5.  Comparison  of  force/deformation  responses  measured  during  seismic  tests  with 

those  predicted  by  FEMA  356  for  Wall  2. 

The  predicted  behaviors  for  wall  A  and  wall  B  are  in  reasonable  agreement  with 
the  measured  responses.  The  peak  forces  resisted  by  wall  A  and  wall  B  were 
44%  and  14%  greater  than  predicted,  respectively.  The  measured  stiffness  val¬ 
ues  for  both  walls  were  slightly  lower  than  predicted  by  FEMA  356,  but  that 
would  be  expected  given  the  assumptions  that  the  masonry  is  homogenous  and 
the  full  gross  cross-section  resists  lateral  deflection.  Both  walls  also  demon¬ 
strated  a  positively-sloped  post-yield  stiffness,  in  contradiction  of  the  FEMA  356 
assumption  of  perfectly  plastic  response.  Finally,  the  strength  degradation  pre¬ 
dicted  by  FEMA  356  could  not  be  challenged  because  the  deflection  of  the  walls 
was  not  large  enough. 

The  correlation  between  expected  and  measured  responses  was  inconclusive  for 
wall  1  and  very  poor  for  wall  2.  Figure  7-3  shows  that  the  peak  force  resisted  by 
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wall  1  was  286%  greater  than  the  original  prediction,  while  Figure  7-4  shows 
that  the  same  peak  force  is  30%  smaller  than  the  predicted  strength  recalculated 
on  the  basis  of  the  actual  crack  pattern  of  pier  9.  However,  the  measured 
force/deformation  behavior  of  wall  1  was  essentially  linear  at  the  end  of  testing. 
Therefore  it  is  difficult  to  judge  the  accuracy  of  the  FEMA  356  curve  since  wall  1 
retained  some  strength.  As  noted  in  Chapter  6,  the  peak  force  resisted  by  wall  2 
was  340%  greater  than  predicted.  That  result  was  probably  due  to  unaccounted 
flange  strength,  as  discussed  later  in  this  chapter. 


Vertical  Distribution  of  Lateral  Forces 

Chapter  3  of  FEMA  356  prescribes  methods  for  determining  the  vertical  distri¬ 
bution  of  lateral  forces  for  use  in  both  linear  static  and  nonlinear  static  analysis 
procedures.  The  linear  static  method  permits  the  use  of  either  of  two  different 
distributions  for  URM  structures.  The  first  is  the  same  as  Equation  8-2  in 
FEMA  356  and  takes  the  shape  of  an  inverted  triangle  when  the  floor  masses  are 
equal.  The  second  distribution  (section  3.3. 1.3.5)  involves  a  base  shear  computa¬ 
tion  for  each  floor  that  is  proportional  to  the  weight  of  the  floor.  The  determina¬ 
tion  of  the  base  shear  is  also  dependent  on  other  factors,  but  if  the  properties  of 
the  stories  are  identical  then  the  vertical  distribution  of  lateral  load  will  be  pro¬ 
portional  to  the  story  masses.  Unlike  the  linear  static  method,  the  nonlinear 
static  method  requires  that  two  load  patterns  be  used  in  the  analysis  as  a  way  to 
bound  the  range  of  building  response.  One  of  the  selected  patterns  must  be  a 
modal  distribution  while  the  other  may  either  be  proportional  to  the  story 
masses  or  be  an  adaptive  procedure  that  accounts  for  the  properties  of  the 
yielded  structure. 

The  vertical  distributions  of  lateral  force  prescribed  in  FEMA  356  allow  the  de¬ 
signer  to  consider  both  rigid  and  flexible  diaphragm  behavior.  There  is  no  doubt 
that  these  distributions  will  bound  the  actual  force  distribution  in  a  building, 
and  in  that  sense  they  are  definitely  satisfactory.  However,  if  a  more  accurate 
description  of  structural  behavior  is  desired,  some  combination  of  these  methods 
may  be  necessary  for  buildings  that  have  diaphragms  with  an  intermediate 
amount  flexibility.  The  diaphragms  of  the  test  model,  which  demonstrated  ac¬ 
celeration  amplifications  on  the  low  end  of  the  flexible  range  to  the  high  end  of 
the  intermediate  range,  exhibited  floor  force  to  roof  force  ratios  of  1.61  in  the  x- 
direction  and  1.43  in  the  y-direction  (Table  6-3  and  Table  6-4).  Both  of  those  ra¬ 
tios  fall  within  the  middle  50%  of  the  range  of  the  floor  force  to  roof  force  ratios 
calculated  using  Equation  8-2  (1.0)  and  based  on  the  distribution  of  floor  masses 
(1.89).  Consequently,  the  measured  vertical  distributions  of  lateral  forces  are 
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well  bounded  by  the  prescriptions  of  FEMA  356  (as  intended  by  the  code),  but  at 
the  same  time,  the  computed  distributions  do  not  accurately  describe  the  actual 
behavior  of  the  test  model. 


Strength  Contributions  to  In-Plane  Walls  from  Out-of-Plane  Wall  Flanges 

The  measured  versus  predicted  strengths  of  wall  2  (Figure  7-5)  clearly  demon¬ 
strate  a  great  discrepancy.  In  Chapter  6,  two  possible  explanations  for  the  un¬ 
expected  strength  were  examined:  the  beneficial  effect  of  compressive  overturn¬ 
ing  moment  and  out-of-plane  wall  flange  effects.  The  discussion  demonstrated 
that  while  the  compressive  overturning  moment  could  have  increased  the 
strength  of  wall  2  by  a  notable  amount,  it  was  not  nearly  enough  to  solely  ac¬ 
count  for  the  discrepancy.  Therefore,  it  is  believed  that  pier  4  and  pier  8  signifi¬ 
cantly  increased  the  rocking  resistance  of  pier  12  and  pier  11,  respectively. 

Presently,  strength  contributions  to  in-plane  walls  from  out-of-plane  wall  flanges 
are  not  considered  in  FEMA  356,  and  various  studies  have  demonstrated  that 
flanges  do  not  increase  in-plane  wall  strength  at  high  intensity  levels  (see 
Costley  and  Abrams  1996  and  Paquette  and  Bruneau  2003,  for  example).  How¬ 
ever,  pier  layouts  in  those  studies  were  very  similar  to  wall  A  and  wall  B,  which 
did  not  demonstrate  the  great  difference  in  expected  and  measured  strengths 
exhibited  by  wall  2.  Wall  2,  unlike  wall  A  and  wall  B,  has  only  two  relatively 
small  piers  with  adjacent  out-of-plane  wall  piers  of  equal  length  and  50%  greater 
thickness.  In  the  current  study,  the  strength  of  the  in-plane  piers  is  so  low  that 
the  effect  of  the  flanges  is  very  pronounced.  Furthermore,  the  in-plane  piers  of 
wall  2  truly  formed  combined  sections  with  their  adjacent  out-of-plane  wall  piers 
after  cracking,  forcing  them  to  rock  together  (Figure  6-19).  Again,  the  layout 
used  in  the  current  study  is  dissimilar  to  the  studies  noted  above  in  that  the  out- 
of-plane  walls  in  those  studies  were  solid. 

There  are  not  sufficient  quantifiable  results  from  this  phase  of  the  research  to 
recommend  specific  changes  to  FEMA  356.  It  may  reasonably  be  argued  that 
ignoring  any  possible  beneficial  flange  effects  is  prudent  and  conservative,  but 
the  apparent  3.4  factor  of  safety  associated  with  wall  2  would  nevertheless  seem 
excessive.  Further  research  would  be  advisable  to  determine  the  influence  of 
out-of-plane  wall  flanges  on  in-plane  wall  strength  for  a  variety  of  layouts. 
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Combination  of  Seismic  Forces  for  Multi-component  Excitation 

Section  3.2.7  of  FEMA  356  details  the  requirements  for  considering  multidirec¬ 
tional  seismic  effects.  It  states  that 

multidirectional  seismic  effects  shall  be  considered  to  act  concurrently  for 
buildings  meeting  the  following  criteria: 

1.  The  building  has  plan  irregularities,  or 

2.  The  building  has  one  or  more  primary  columns  which  form  a  part  of 

two  or  more  intersecting  frame  or  braced  frame  elements. 

FEMA  356  subsection  3.2. 7.1,  “Concurrent  Seismic  Effects,”  prescribes  that  for 
both  linear  and  nonlinear  procedures,  the  maximum  force  resulting  from  a  hori¬ 
zontal  component  shall  be  added  to  30%  of  the  maximum  force  resulting  from  the 
other  horizontal  component  when  computing  the  design  force.  However,  the  re¬ 
sponse  of  the  test  model  to  the  bidirectional  Nahanni  earthquake  demonstrated 
that  base  shears  on  wall  A  resulting  from  orthogonal  components  combined  di¬ 
rectly,  contradicting  the  100%-30%  rule  in  FEMA  356.  Table  6-5  and  Table  6-6 
present  the  measured  base  shears  on  wall  A  for  the  10%  and  20%  level  unidirec¬ 
tional  and  bidirectional  earthquakes. 

The  unusual  behavior  of  a  single  test  model  does  not  necessarily  imply  that  the 
100%-30%  rule  needs  to  be  changed.  Recall  that  concurrent  peak  forces  due  to 
orthogonal  components  were  not  present  in  the  time-history  analyses  of  the  El 
Centro  and  Loma  Prieta  earthquakes  (Sweeney  et  al.  2004).  However,  the  cur¬ 
rent  study  should  serve  as  a  reminder  that  there  are  exceptions  to  the  100%-30% 
rule,  so  all  due  caution  should  be  taken  when  performing  any  seismic  analysis. 

The  response  of  a  given  building  to  a  specific  earthquake  is  unique.  Conse¬ 
quently,  the  prediction  of  combinational  effects  is  very  difficult  since  it  is  impos¬ 
sible  to  predict  the  exact  ground  motions  to  which  a  building  will  be  subjected 
during  its  life  cycle.  Nevertheless,  certain  structural  features  will  result  in 
greater  susceptibility  to  large  force  combinations.  Among  those  are: 

•  floor  and  roof  diaphragms  with  rigid  to  intermediate  flexibility 

•  in-plane  lateral  force  resisting  systems  that  are  not  symmetric 

•  similar  fundamental  periods  in  horizontal  plan  directions  (Lopez  et  al. 

2001). 


When  performing  a  structural  analysis  it  would  also  be  prudent  to  select  a  large 
number  of  ground  motions  with  varying  characteristics.  The  most  difficult  as- 
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pect  of  computer  modeling  is  the  creation  of  the  structural  system  and  the  first 
seismic  analysis.  It  is  usually  a  straightforward  task  to  modify  the  analysis  to 
include  additional  ground  motions.  Furthermore,  as  this  study  has  shown,  lin¬ 
ear  time-history  analysis  is  an  excellent  method  to  use  when  examining  combi¬ 
national  effects  since  the  forces  resulting  from  each  ground  motion  component 
can  be  examined  over  the  duration  of  the  earthquake. 
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8  Conclusions  and  Recommendations 

Conclusions 

Based  on  the  results  of  this  research,  conclusions  are  offered  in  connection  with 
each  of  the  project  objectives: 

1.  Determine  failure  mechanisms  and  force / deformation  behavior  of  the  test 
model’s  walls. 

The  test  model  resisted  ground  motion  accelerations  of  up  to  0.772  g  and  sus¬ 
tained  a  relatively  small  amount  of  damage,  demonstrating  that  URM  sys¬ 
tems  with  flexible  diaphragms  are  capable  of  resisting  large-magnitude 
earthquakes. 

The  piers  of  wall  A  and  wall  2  demonstrated  stable  rocking  behaviors  with 
ductility  values  of  5.0  and  3.5,  respectively.  Given  the  level  of  damage,  addi¬ 
tional  deformation  capacity  was  likely. 

Wall  B  and  wall  1  did  not  develop  failure  mechanisms. 

2.  Examine  acceleration  amplification  of  the  ground  motion  by  the  walls  and  the 
diaphragms. 

In  general,  the  wall  amplification  of  the  ground  acceleration  was  small.  In 
the  x-direction,  average  wall  amplifications  were  slightly  less  than  1.0  at  the 
second-floor  level  and  slightly  larger  than  1.0  at  the  roof  level.  In  the  y- 
direction,  initial  wall  amplifications  were  approximately  1.5,  with  roof  values 
just  above  and  floor  values  just  below.  The  larger  amplification  in  the  y- 
direction  was  presumably  due  to  its  lower  stiffness  as  compared  with  the 
stiffness  in  the  x-direction.  As  earthquake  intensity  increased  (along  with 
damage),  wall  amplification  in  the  y-direction  converged  to  1.0. 

The  diaphragm  amplification  of  ground  accelerations  in  the  x-direction  was 
approximately  2.0  —  2.5,  constituting  a  building  response  on  the  stiffer  side  of 
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the  rigid-wall/flexible-diaphragm  range.  As  expected,  diaphragm  amplifica¬ 
tions  decreased  after  pier  rocking  initiated  on  wall  A. 

The  diaphragm  amplification  of  ground  accelerations  in  the  y- direction  were 
initially  around  2.5  at  the  roof  level  and  around  1.5  at  the  second-floor  level. 
Consequently,  the  behavior  of  the  floor  diaphragm  was  not  consistent  with  a 
rigid-wall/flexible- diaphragm  system  as  defined  in  FEMA  356,  and  would  be 
more  appropriately  described  as  semi-rigid.  This  response  was  a  result  of  the 
flexibility  of  the  first-story  piers  of  wall  2.  Like  the  diaphragms  in  the  x- 
direction,  acceleration  amplifications  decreased  in  the  y-direction  after  pier 
rocking  initiated  on  wall  2. 

3.  Approximate  the  effect,  if  any,  that  the  flange  portions  of  out-of-plane  walls 
have  on  the  strength  of  in-plane  walls. 

The  expected  strength  of  wall  2  was  3.3  kips,  but  the  measured  strength  was 
11.2  kips.  Based  on  previous  calculations,  it  appears  that  at  least  32%,  or  3.6 
kips,  of  the  measured  strength  was  due  to  participation  of  out-of-plane  wall 
flanges. 

Wall  A,  wall  B,  and  wall  1  did  not  demonstrate  the  degree  of  disparity  be¬ 
tween  expected  and  measured  strengths  that  wall  2  exhibited.  Consequently, 
it  is  believed  that  either  the  expected  strength  of  wall  2  was  so  small  that 
flange  effects  were  more  apparent  or  that  the  isolation  of  the  flanges  from 
wall  A  and  wall  B  through  cracking  enabled  greater  participation  in  the  re¬ 
sponse  of  wall  2  (Figure  6-19). 

4.  Investigate  the  vertical  distribution  of  lateral  forces  for  stiff -wall  /  flexible-floor 
systems. 

The  average  ratio  of  lateral  second-floor-level  forces  to  roof-level  forces  was 
1.61  in  the  x-direction  and  1.43  in  the  y-direction. 

The  measured  vertical  distribution  of  lateral  forces  was  bounded  by  the  dis¬ 
tribution  calculated  from  the  ratio  of  floor  masses  (1.89)  and  from  the  stan¬ 
dard  FEMA  356  equation  for  rigid  diaphragms  (1.0). 

5.  Determine  the  combinational  effect  of  multidirectional  base  motions  on  the 
test  model. 
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Peak  base  shears  due  to  orthogonal  horizontal  ground  motion  components 
combined  directly  on  wall  A  as  predicted  by  finite  element  analysis.  The 
combinations  occurred  during  each  bidirectional  test  through  which  the  test 
structure  remained  linear-elastic  (10%-XY  and  20%-XY).  During  the  nonlin¬ 
ear  response  of  wall  A,  the  combinations  were  masked  by  the  fact  that  com¬ 
bining  base  shears  could  not  be  larger  than  the  wall  strength. 

Combinational  effects  like  those  occurring  on  wall  A  did  not  occur  with  the 
same  severity  on  the  other  walls  of  the  test  model. 

6.  Provide  fundamental  knowledge  needed  to  develop  seismic  protection  design. 

With  exception  to  wall  2,  the  FEMA  356  force/deformation  prescriptions  pre¬ 
dicted  the  behavior  of  the  test  model’s  walls  with  acceptable  accuracy. 

The  two  primary  types  of  methods  used  to  vertically  distribute  lateral  forces, 
as  prescribed  by  FEMA  356,  bounded  the  actual  behavior  of  the  test  model, 
as  they  were  intended  to  do. 

Out-of-plane  wall  flanges  are  not  currently  considered  in  calculating  the 
strength  of  in-plane  walls  using  FEMA  356.  As  a  result,  the  actual  strength 
of  wall  2,  for  example,  was  measured  to  be  3.4  times  greater  than  that  pre¬ 
dicted  by  FEMA  356. 

Although  wall  A  experienced  a  100%- 100%  combination  of  base  shears,  this 
behavior  is  rare.  Consequently,  a  change  in  the  100%-30%  rule  prescribed  in 
FEMA  356  is  not  necessarily  recommended.  However,  structural  engineers 
should  be  aware  of  the  potential  risk  of  using  this  formulation  to  address 
concurrent  seismic  effects  resulting  from  multidirectional  excitation. 


Recommendations 

Based  on  the  conclusions,  the  following  recommendations  are  offered: 

The  results  of  this  study  indicate  that  research  should  be  conducted  to  quantify 
the  effects  of  out-of-plane  wall  flanges  on  in-plane  wall  strength.  A  sufficient  va¬ 
riety  of  pier  layouts  should  be  studied  to  determine  how  the  connection  of  differ¬ 
ent  types  of  URM  walls  results  in  greater  flange  participation.  In  order  to  pro¬ 
duce  definitive  results,  both  strong  in-plane  wall/weak  out-of-plane  wall  and 
weak  in-plane  wall/strong  out-of-plane  wall  systems  should  be  investigated. 
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Additional  research  should  be  performed  to  determine  the  effect  of  overturning 
forces  on  the  in-plane  strength  of  piers. 

Research  should  be  conducted  to  determine  critical  ground  motion  characteris¬ 
tics  that  lead  to  the  direct  combination  of  response  quantities  due  to  orthogonal 
earthquake  components. 

The  results  of  this  study  should  feed  into  future  research  on  developing  more  ef¬ 
fective  techniques  for  seismic  rehabilitation  of  URM  building  systems. 
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